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Abstract

The most important aspects of the design, seismic damage evaluation and safety assessment of structures with low ductility like waffle slabs buildings or flat beams framed buildings are examined in this work. These reinforced concrete structural typologies are the most used in Spain for new buildings but many seismic codes do not recommend them in seismic areas. Their expected seismic performance and safety are evaluated herein by means of incremental non linear structural analysis (pushover analysis) and incremental dynamic analysis which provides capacity curves allowing evaluating their seismic behaviour. The seismic hazard is described by means of the reduced 5% damped elastic response spectrum of the Spanish seismic design code. The most important results of the study are the fragility curves calculated for the mentioned building types, which allow obtaining the probability of different damage states of the structures as well as damage probability matrices. The results, which show high vulnerability of the studied low ductility building classes, are compared with those corresponding to ductile framed structures. 
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1. INTRODUCTION
Among the building typologies applied in the seismic areas of Spain, the most frequent are nowadays those with flat beams (FBFB) and with waffle slabs (WSB). Earthquake-resistant codes in general, and Spanish code NCSE-02 in particular, assigns ductility values of two to these buildings and classifies them as restricted ductility buildings. These values are fixed by the code on the premise that buildings expressly designed to have low ductility have a low capacity of energy dissipation and a non-adequate seismic behaviour. The adequacy of the response of a structure to a given seismic threat can be evaluated by using an incremental nonlinear structural analysis providing capacity curves (Erberik and Elnashai 2006), examining especially the structural ductility and the overstrength; restricted ductility buildings have been not extensively studied yet using this procedure. In the past, capacity and performance-based procedures energy dissipation have been used mostly in the evaluation of the seismic behaviour of moment-resisting frames (Mwafi and Elnashai 2002a; Fragiacomo et al. 2006). It has to be also mentioned that, apart from UBC-97, IBC-2003 and EC-8, no other earthquake-resistant code directly refers to overstrength values, which are very important in the determination of behaviour factors (Vielma et al. 2006).
The main objective of this article is to evaluate the ductility, the behaviour factor and the overstrength values of buildings with restricted ductility by means of pushover analysis and incremental dynamic analysis (IDA) in order to study their seismic safety. Roof displacements normalized respecting the total height of the building are used as demand parameter. Displacement values corresponding to the yielding point are obtained by using the idealized bilinear form of the capacity curve (Park 1988). Once the static and dynamic non-linear responses are determined, the benefits of improving the ductility of the steel reinforcements and the longitudinal and transversal confinement are evaluated. Finally, the non-linear response of the buildings with restricted ductility is compared with those of two moment-resisting framed buildings: one with intermediate ductility, designed according to the Spanish EHE code specifications; and the other one with high ductility, designed according to the specifications of the Eurocodes 2 and 8. 

2. DESCRIPTION OF THE STUDIED BUILDINGS
To elucidate how structural typology and design influence the global response of buildings structures, four buildings with different characteristics have been studied. The first two buildings, one with waffled slabs, and the other with flat beams, have restricted ductility and are designed using low behaviour factors (q=2). The third is a moment-resisting framed building designed according to the Spanish EHE code for a medium ductility (q=4) and the fourth is a moment-resisting framed building designed according to the Eurocode-2 and the Eurocode-8, for a high ductility class (q=5.85). All buildings were designed for a PGA of 0.23g, which is the maximum value prescribed by the NCSE-02 seismic Spanish code.
2.1. Waffled slabs building
The waffled slabs building (WSB) has ribs which run along the lines that join the ends of its columns. It has three stories: the first is 4,5 m high, whereas the other two are 3,0 m high —a typical configuration for a building whose ground floor is intended for commercial use. It has four spans parallel to the x-axis and three spans parallel to the y-axis (see figure 1a). Figure 1a also shows an equivalent frame from this building; this equivalent frame is obtained by cutting the three dimensional building along lines midway between columns (for this building is 2,50m). The slab has bidirectional ribs, whereby the ribs are orthogonal to each other. The total depth of the slabs is 30 cm. Seismic forces were computed from the stiff soil design spectrum (see Figure 2).

In the NCSE-02 Spanish code, the behaviour factor q is function of the displacement ductility µ and of the damping ratio ξ of the structure:

	
[image: image1.wmf]4

,

0

5

÷

ø

ö

ç

è

æ

=

x

m

q


	(1)


The equivalent seismic forces corresponding to all the levels of the buildings were calculated using the modal analysis foreseen in the Spanish seismic code NCSE-02. The inelastic spectrum outlined in the mentioned code has been used, calculated by simply reducing the elastic design spectrum by the behaviour factor q. The same inelastic spectrum was also used to calculate the seismic forces applied to the WSB.
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	Fig. 1 Typical plan and elevation view of a) the WSB and b) the FBFB (equal at all floors). Typical elevation of c) the MRFB (EHE) and d) of the MRFB (EC)


2.2. Framed building with flat beams
In this case the structures have flat beams and unidirectional slabs supported by these beams (see Figure 1b). The flat beams are used both in the direction that receives the slab ribs and in the direction of the bracing. The story layout of the building is similar to that of the WSB. 
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	Fig. 2 Elastic design spectra used in the elastic dynamic analysis of the buildings


Similar like in the case of the WSB, the ground floor of the FBFB is the tallest and, therefore, the effect of weak ground floor is expected. However, the remaining stories have the same height and number of spans. Figure 1b shows the typical plan and elevation views of this building.
2.3. Moment-resisting framed buildings
Two buildings were designed to study the response of moment-resisting framed buildings: one according to the Spanish EHE and NCSE-02 codes and the second one using Eurocode-2 and Eurocode-8. Figure 2 shows the spectra used to obtain the seismic forces for both buildings. These buildings are geometrically similar to the FBFB, with one-way ribbed slabs; sections of the elements of the MRFB can be seen in Figures 1c and 1d. Seismic design criteria are followed in order to increase the column dimensions, thereby yielding a structure with strong columns and weak beams. Table 1 summarizes the periods of the first nine modes of vibration of the studied buildings.
	Table 1 Periods of vibration of the four buildings studied

	Period (s)

Mode

WSFB

FBFB

MRFB (EHE/NCSE-02)

MRFB (EC)

1

0.93

0.56
0.45

0.50

2

0.91

0.50
0.44

0.48

3

0.82

0.45
0.39

0.45
4

0.27

0.17
0.16

0.40
5

0.26

0.15
0.16

0.36
6

0.23

0.14
0.14

0.29
7

0.12

0.08
0.09

0.11

8

0.11

0.07
0.09

0.10

9

0.10

0.06
0.08

0.09




3. NON-LINEAR ANALYSIS

The aim of the non-linear analysis performed in this article was to obtain a more realistic response of the buildings designed according to the linear elastic method outlined in the code NCSE-02. This allowed a clear demonstration of how earthquake-resistant design improves structural ductility, while also revealing how non-linear response challenges certain simplifications made during elastic analysis.

3.1. Equivalent mechanical models of the buildings
The non-linear static and dynamic analysis was performed using the PLCd (1991-2009) finite element code. PLCd works with two and three-dimensional solid geometries as well as with prismatic, one-dimensional, members. It provides a solution combining both numerical precision and reasonable computational costs. It deals with kinematics and material nonlinearities and uses various 3-D constitutive laws to predict the material behaviour (elastic, visco-elastic, damage, damage-plasticity, etc.) with different yield surfaces to control their evolution (Von-Mises, Mohr–Coulomb, improved Mohr–Coulomb, Drucker–Prager, etc.). Newmark’s method is used to perform the dynamic analysis. A more detailed description of the used procedure can be found in Barbat et al. (2008) and Mata et al. (2007; 2008a; 2008b). 

Experimental evidence shows that inelasticity in beam elements can be formulated in terms of the cross-sectional quantities and, therefore, the beam’s behaviour can be described by means of concentrated models, sometimes called plastic hinge models, which localize all the inelastic behaviour at the ends of the beam by means of ad-hoc force–displacement or moment–curvature relationships. But, in the formulation used in this computer program, the procedure consists of obtaining the constitutive relationship at cross-sectional level by integrating in a selected number of points corresponding to fibers directed along the beam’s axis. Thus, the general nonlinear constitutive behaviour is included in the geometrically exact nonlinear kinematics formulation for beams proposed by Simo (1985), considering an intermediate curved reference configuration between the straight reference beam and the current configuration. The displacement based method is used for solving the resulting nonlinear problem. Plane cross sections remain plane after the deformation of the structure; therefore, no cross sectional warping is considered, avoiding including additional warping variables in the formulation or iterative procedures to obtain corrected cross sectional strain fields. An appropriated cross sectional analysis is applied for obtaining the cross sectional forces and moments and the consistent tangential tensors in the linearized problem. Thermodynamically consistent constitutive laws are used in describing the material behaviour for these beam elements, which allows obtaining a more rational estimation of the energy dissipated by the structures. The simple mixing rule for composition of the materials is also considered in modelling materials for these elements, which are composed by several simple components. 
Discretization of frames was performed with finite elements whose lengths vary depending on the column and beam zones with special confinement requirements. These confinement zones were designed according to the general dimensions of the structural elements, the diameters of the longitudinal steel, the clear of spans and the story heights (Vielma et al. 2009). Frame elements are discretized into equal thickness layers with different composite materials, characterized by their longitudinal and transversal reinforcement ratio (see Figure 3). Transversal reinforcement benefits are included by means of the procedure proposed by Mander et al (1988).
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	Fig. 3 Discretization of the RC frame’s elements


3.2. Non-linear static analysis
To evaluate the inelastic response of the four structures, pushover analysis was performed applying a set of lateral forces representing seismic actions corresponding to the first vibration mode. The lateral forces are gradually increased starting with a zero value, passing through the value which induces the transition from elastic to plastic behaviour and, ultimately, reaching the value which corresponds to the ultimate drift (i.e. the point at which the structure can no longer support any additional load and collapses). Before the structure is subjected to the lateral loads simulating seismic action, it is first subjected to the action of gravity loads, in agreement with the combinations applied in the elastic analysis. The method applied does not allow for evaluation of torsional effects, being the used model a 2D one.

Although it is difficult to find a method to obtain the global yield and the ultimate displacements (Priestley et al. 2007), a simplified procedure is applied in this work. The non-linear static response obtained via finite element techniques is used to generate the idealized bilinear expression shown in Figure 2, which has a secant segment from the origin to a point on the capacity curve that corresponds to a 75% of the maximum base shear (Park 1988). The second segment, which represents the branch of plastic behaviour, was obtained by finding the intersection of the aforementioned segment with another, horizontal segment which corresponds to the maximum base shear. The use of this compensation procedure guarantees that the energies dissipated by the ideal system and by the modelled system are equal (see Figure 4).
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	Fig. 4 Scheme for determining the displacement ductility and the overstrength


In a simplified non-linear analysis, there are two variables that characterize the seismic response of buildings. The first one is the displacement ductility 
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which is calculated based on the values of the yield drift Δy and the ultimate drift Δu, starting from the idealized capacity curve shown in Figure 4. The second variable is the overstrength RR of the building, which is defined as the ratio of the design base shear Vd to the yielding base shear Vy, both of which are shown in Figure 4
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The overstrength RR is like a safety factor applied in design and evaluation of the buildings.
The WSB and FBFB are designed and detailed to have a very low level of ductility as compared with that of the MRFB. The capacity curve is calculated with a mechanical model similar to the equivalent frame method defined in the ACI-318 code (ACI Committee 318 2005). The analysis is performed by means of the finite element method and using damage and plasticity constitutive models, as well as the Mixing Theory (PLCd 1991-2009; Mata et al. 2007). To control the energy dissipation and ensure the correct behaviour of the structure, approximate mean values for strength and for facture energy were used for each constituent material (i.e. steel and concrete) (Car et al. 2000 and 2001).
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	Fig. 5 Idealized bilinear capacity curve WSB


Results of the non linear analysis and the idealized bilinear capacity curve of the WSB are show in Figure 5.The calculated displacement ductility value of the WSB is 1.57, value which is excessively low, taking into account that the Spanish code NCSE-02 specifies a design value µ=2 for the same structural type. The corresponding overstrength is: RR=Vy/Vd=1,92. The ductility value calculated for this structural class suggests that the ductility factors stipulated in the NCSE-02 earthquake-resistant design code should be revised. Nevertheless, these structures exhibit high overstrength level. 

The low ductility response of the WSB can be attributed to the formation of plastic hinges in the transition points between the abacus and the ribs of the waffled slab at the first floor. The elements of the slabs are subject to bending induced by gravitational loads, as well as to the demands to seismic forces; hence, the zones which require special reinforcement are those closest to the slab-column node and to the middle of the span, where the greatest bending moments frequently appear. However, efficient confinement in the central slab zone is technically complicated. This suggests a possible mechanism for structural failure during earthquakes and, consequently, the low level of ductility of the structure.
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Fig. 6 Idealized capacity curve for the FBFB

In the Spanish seismic code NCSE-02, FBFB have a lower ductility values than those with deep beams. It is technically difficult to reinforce adequately flat beams in order to assure a ductile overall structural behaviour. Figure 6 shows the global response of the FBFB up to the ultimate drift (i.e. the drift before total structural collapse) which, together with the yield drift, enables calculation of the displacement ductility. 

Figure 5 indicates that the behaviour of the FBFB remains elastic while the base shear coefficient is relatively low (i.e. less than 0.10). Nonetheless, it is not this value which is used to calculate the ductility of the building; rather, it is the yielding value obtained from the idealized bilinear curve which is used. The figure also shows the calculation of the ductility using the idealized bilinear capacity curve. As observed, the ductility obtained for the FBFB is 1.54, a value which raises some concern given that the NCSE-02 earthquake-resistant code recommends behaviour factor of 2. 
The response of the FBFB shows that the stability of the structure depends on the behaviour of the beams. This is an important aspect to consider when deciding between a MRFB and a FBFB, given that the latter has lower ductility values than the values prescribed by the code and, consequently, lower response behaviour factors q.
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Fig. 7 Idealized capacity curve of the MRFB (EHE)

As with the two other structural types, the response of the external frame of the MRFB (EHE) was computed, such that the results obtained for the three cases would be comparable. Figure 7 shows the capacity curve obtained for the building designed according to the Spanish codes. The curve clearly illustrates how this structural type is capable to sustain stable ductile response, which is reflected in the high value for the final drift. Based on the idealized bilinear curve in Figure 7, a ductility factor of 5,17 is obtained —a higher value than that specified by the Spanish seismic design code, which is 4. This means that MRFB have a ductile response to seismic forces, as well as an adequate overstrength.
Figure 8 show the capacity curve for the external frame of the MRFB (EC). The main difference between this building and the former is, by one hand, that the Spanish earthquake-resistant code limits the ductility factor for this class of buildings to 4 and, by the other hand, that the Spanish code requires less transversal and longitudinal than EC-2/EC-8 which enables greater dissipation capacity. The study shows that this building has a high displacement ductility value (µ=9.28) product of the adequate capacity of sustaining lateral forces without loss of stability.
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Fig. 8 Idealized capacity curve of the MRFB (EC)
Finally, the non-linear response of the studied MRFB is typical for low-rise reinforced concrete buildings, which generally undergo plastic hinges at the base of their ground floor columns. 
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	Fig. 9 NCSE02 design spectrum and the response spectra used in dynamic analysis


3.4 Non-linear dynamic analysis
In order to evaluate the dynamic response of the buildings, the Incremental Dynamic Analysis procedure (IDA) was applied. This procedure (Vamvatsikos and Cornell 2002) consists of conducting time-history analyses for seismic ground motions or for artificial accelerograms, which are scaled each time in order to induce increasing levels of inelasticity. A set of ten artificially synthesized accelerogram compatible with the NCSE-02 design spectrum were generated. Figure 9 show the design spectrum and 5% damping response spectra computed from the set of synthetic accelerograms. A similar procedure was adopted for the dynamic analysis of the MRFB (EC) using the elastic design spectra for soil type B and the same peak acceleration to generate the set of ten synthetic accelerograms used in the analysis.
IDA curves are obtained plotting the ground motion intensity versus the demand parameters; in this study they are the spectral accelerations of the 5% damped spectra and the roof drifts, respectively. The collapse state is reached when the capacity of the structure drops (Kunnath 2005). A usual criterion is to consider the slope of the curve less than the 20% of the elastic slope (Vamvatsikos and Cornell 2002, Han and Chopra 2006). Figure 10 show the IDA curves computed for the FBFB, WSB, MRFB (EHE) and MRFB (EC) structural models. Note that the collapse points of the FBFB correspond to a normalized roof drift between 1.83 and 2.54, in contrast with the collapse point obtained by means of pushover analysis, which is 2.29. In the case of the WSB, the collapse points obtained from the IDA curves are within a range of the normalized roof drift between 2.37 and 3.19, while a collapse point of 2.88 is obtained from the pushover analysis. 
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	Fig. 10 IDA curves of the a) WSB b) FBFB c) MRFB (EHE) and d) MRFB (EC)


Table 2 summarizes the average values of the collapse points for all the studied cases, computed by means of the dynamic analysis.
	Table 2 Normalized roof displacement (%) at the collapse state of the structures

	Static analysis

Dynamic analysis (average)

WSB

2.88

2.72

FBFB

2.29

2.43

MRFB (EHE)

4.20

4.24

MRFB (EC)

4.18

3.93




Dynamic analysis is useful to assess the collapse points of the buildings, and to obtain the values of the behaviour factors q. Mwafi and Elnashai (2002b) have proposed the following equation for the calculation of the behaviour factor q:
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where 
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 are the collapse and the yield design peak ground acceleration, respectively. The former value is obtained from the IDA curves and the latter one is computed from the elastic analysis of the building. Average values of the calculated behaviour factor q of the studied buildings are show in Table 3; these values correspond to the dynamic response for the set of ten synthesized accelerograms, and are compared with behaviour factors prescribed by the design codes.

	Table 3 Behaviour factors of the buildings

	qequation

(Average)
qcode
qequation/qcode
WSB

3.84

2.00

1.92

FBFB

3.88

2.00

1.94

MRFB (EHE)

8.95

4.00

2.24

MRFB (EC)

14.85

5.85
2.54



The computed behaviour factors show that the applied seismic design produces structures with satisfactory lateral capacity when they are subjected to strong ground motions, regardless of the structural typology. The relationship between the calculated and the prescribed behaviour factors is close to two for the case of buildings with low ductility and greater than this value in the case of the MRFB.
4. POSSIBILITIES OF IMPROVING THE SEISIMC REPSONSE OF BUILDINGS WITH RESTRICTED DUCTILITY
Figure 11 shows the capacity curves corresponding to the four studied cases. As it can be observed in the figure, each of the four buildings has the base shear coefficient greater than the design one, indicating that they satisfy this initial design objective. However, the overstrength varies dramatically among the different structures. It is interesting to compare the capacity curves of the MRFB, which have similar structural typology but are designed with different codes and, thus, their behaviour factors differ. Both of these buildings exhibit a ductile response; their ductility is several times higher than either that of the FBFB, or that of the WSB. In summary, among the typologies studied here, only the MRFB guarantees a ductile response while providing satisfactory overstrength.
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	Fig. 11 Comparison of the non-linear response of the four building types studied


The results of the non-linear analysis of the response of buildings with restricted ductility raise the question: Can these responses be improved at the design stage, to reach the ductility values prescribed in the code NCSE-02 while maintaining the same structural type? This section discusses this possibility for buildings with either WSB or FBFB, based on the pushover analysis performed using finite element method. The improved responses are finally compared with the responses obtained for MRFB. 
	Table 4 Comparison of the structural types that can be used for buildings in seismic zones

	Behaviour factor

High

Intermediate

Low

Structural type

µ≥4

2<µ<4

µ≤2

EC-8

MRFB

Yes

Yes

Yes

FBFB

No

Yes(*)

Yes

WSB

No

No

Yes

NCSE-02

MRFB

No

Yes

Yes

FBFB

No

No

Yes

WSB

No

No

Yes

(*) EC-8 limits beam's width for intermediate ductility to:

Where:
bw≤min{bc+hw; 2bc}

bw = width of the beam

hw= heigth of the beam

bc= largest cross sectional dimension of the column normal 

to the longitudinal axis of the beam




Table 4 summarizes how each of the three structural types is considered in the seismic design codes NCSE-02 and EC-8. As seen in this table, the NCSE-02 code does not recommend FBFB for high ductility, whereas EC-8 allows them for medium ductility, albeit with certain restrictions on the beam width.
	Table 5 Characteristics of the steel recommended for the design of ductile reinforced concrete buildings

	Eurocode 8

EHE

Steel type

B

C

B400WD

B500WD

Yield stress Fy (N/mm²)

400 to 600

400 to 600

400

500

Ultimate stress Fy (N/mm²)

-

-

480

575

Ratio Fs/Fy

≥1,08

≥1,15 and ≤1,35

≥1,20 and ≤1,35

≥1,15 and ≤1,35

Maximum strain εmax (%)

≥5,00

≥7,50

≥9,00

≥8,00

Ultimate strain εu (%)

-

-

≥20,00

≥16,00




With the aim of studying the influence of the steel type on the non-linear response of WSB, steel with different mechanical characteristics was considered. The buildings were calculated by using reinforcement with either weldable ductile steel (WD), whose characteristics make it recommendable for the design of structures according to the EHE and EC-8 specifications, or weldable steel (W) (see Table 5). In both cases, the yield stress B 400 and B 500 steel were considered. 
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	Fig. 12 Capacity curves of the WSB reinforced with steel of different mechanical characteristics


The results of the pushover analyses are shown in Figure 12, which reveals that frames reinforced with ductile steel have only a slightly more ductile response than do those reinforced with non-ductile steel. Hence, the global response of the building is influenced to a much greater extent by the general configuration and structural typology chosen than by the characteristics of the reinforcement steel.
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	Fig. 13 Capacity curve of the FBFB reinforced with steel of different mechanical characteristics


The behaviour of FBFB that are reinforced with ductile (WD) or non-ductile (W) steels and with yield stress values of 400 or 500 is also studied. Just as in the case of the WSB, the ductile capacity of this type of building was found to be far more influenced by the structural type than by the type of steel (see Figure 13).
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	Fig. 14 Capacity curve of the MRFB (EHE) reinforced with steel of different mechanical characteristics


Finally, Figure 14 shows the same results obtained for the MRFB (EHE) reinforced with different types of steel. Observe that, in this case, increasing the ductility of the steel leads to a major increase in structural ductility. 
5. FRAGILITY CURVES AND DAMAGE PROBABILITY MATRICES 

In order to evaluate the non-linear behaviour of the buildings, the performance points were calculated. These points, corresponding to the maximum drift induced by the seismic demand in an equivalent single degree of freedom model, are determined by means of the N2 procedure (Fajfar 2000). N2 procedure requires transforming the capacity curve into the capacity spectrum expressed in spectral displacements
[image: image25.wmf]d

S

 - spectral acceleration
[image: image26.wmf]a

S

 coordinates. The former are obtained by applying the equation
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where 
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 are the roof displacements and MPF is the modal participation factor computed from the response of the first vibration mode
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where 
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 is the mass at ith level and 
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 is the first modal shape.
The spectral accelerations
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where V is the base shear, W is the seismic weight and ( is a coefficient given by
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Figures 15 to 17 show the capacity spectra for the WSB, FBFB and MRFB (EHE) crossed with the corresponding demand spectrum and with the elastic response spectrum. The idealized bilinear form of the capacity spectra is also given.
	[image: image35.emf]S

d

 (mm)

S

a

 (g)

0 40 80 120 160 200 240 280 320 360 400

0

0.4

0.8

1.2

Performance point

Capacity curve

Idealized capacity curve

Elastic spectrum

Demand spectrum



	Fig. 15 Capacity and demand spectra allowing the determination of the performance point of the WSB
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	Fig. 16 Capacity and demand spectra allowing the determination of the performance point of the FBFB
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	Fig. 17 Capacity and demand spectra allowing the determination of the performance point of the MRFB (EHE)


Values of the spectral displacements corresponding to the performance point are shown in Table 6. An important feature in the non linear response of the buildings is the ratio between the performance point displacement and the ultimate displacement. This ratio indicates whether the behaviour of a structure is ductile or fragile. The latter occurs when the ratio tends to one, which is the case of the WSB and the FBFB. It can be observed in Table 6 that MRFB have significantly lower values.

	Table 6 Roof drift of performance points for studied buildings

	Normalized roof drift (%)

Ratio

Structural type

Performance point (%)

Static analysis

Dynamic analysis (average)

Static analysis

Dynamic analysis (average)

WSB

2.11

2.88

2.72

0.73

0.78

FBFB

1.62

2.29

2.33

0.71

0.70

MRFB

1.14

4.18

4.24

0.27

0.27




Damage thresholds are determined by using the VISION 2000 (SEAOC 1995) procedure which expresses the thresholds in function of interstory drifts. Damage states thresholds are determined from both interstory drift curve and capacity curve. For the slight damage state, the roof drift corresponding to the first plastic hinge is considered. The moderate damage state corresponds to the roof drift for which an interstorey drift of 1% is reached in all of the storeys of the structure. The severe damage state is identified by a roof drift producing a 2,5% of interstorey drift at each of the levels. Finally, the total damage state (collapse) corresponds to the ultimate roof displacement obtained from the capacity curve (Vielma 2008). Mean values and standard deviation were computed from the non linear response of buildings with the same geometry and structural type, varying the number of spans from 3 to 6 in x direction. These values are show in Table 7.

	Table 7 Mean values and standard deviation of the normalized roof drift for Limit States

	WSB

FBFB
MRFB (EHE)
Limit State

Mean

Standard deviation

Mean

Standard deviation

Mean

Standard deviation

Slight damage

0.22

0.03

0.15
0.02

0.16
0.07
Moderate damage

0.67

0.04

0.68
0.05

0.93
0.12
Severe damage

1.67

0.11

1.66
0.10

2.06
0.11
Collapse

2.88
0.16

2.43
0.14

4.24
0.17



Fragility curves are obtained by using the spectral displacements determined for the damage thresholds and considering a lognormal probability density function for the spectral displacements which define the damage states (Pinto et al. 2006)
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where 
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 is the mean value of the spectral displacement for which the building reaches the damage state threshold 
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Figures 18 to 20 show the fragility curves calculated for the three building typologies considered in the analysis.
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	Fig. 18 Fragility curves of the WSB
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	Fig. 19 Fragility curves of the FBFB
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	Fig. 20 Fragility curves of the MRFB (EHE)


The damage probability matrices are calculated by entering the spectral displacement corresponding to the performance point into the fragility curves. The obtained values represent the exceedance probabilities of a damage state and are given in Table 8 for the three building typologies considered in the analysis. This Table shows that for the considered demand, there is a high probability that the low ductility buildings exceed the severe damage state and the collapse state. This severe damage state exceedance probability is of 36.3% for the WSB and of 37.7%, for that FBFB. The collapse probabilities are 29.6% for the WSB and 12.7% for the FBFB. It can be also seen that for MRFB (EHE) the exceeding probabilities for these damage states are lower. 
	Table 8 Damage probability matrices (in %) for the three building typologies

	Building

WSB

FBFB

MRFB (EHE)

Non damage

0.03

0.08

0.39

Slight

9.43

16.79

39.67

Moderate

24.66

32.71

44.48

Severe

36.29

37.68

14.37

Collapse

29.58

12.74

1.09




6. CONCLUSIONS

In order to evaluate the response of the buildings, non-linear static and dynamic analyses were used. The ultimate roof drift of the structure determined from static analysis was validated with the results obtained from the incremental dynamic analysis. 
The yield drifts of the frames are obtained by using the idealized bilinear capacity curves and the procedure proposed by Park (1988). Despite of the absence of a unified criterion within the research community, this bilinear capacity curve proved to be adequate for equilibrating the energy of the non-linear response derived from pushover analysis with the idealized non-linear response. The bilinear shaped capacity curve is used in order to calculate the displacement ductility. WSB and FBFB show values lower than those prescribed by the NCSE-02 code.
Behaviour factors q were calibrated by applying incremental dynamic analyses with a set of ten synthetic accelerograms. All buildings had values greater than those prescribed by the codes, even the WSB and FBFB. The ratios between MRFB behaviour factors and the code values are grater than two. Among the non-linear responses of the cases studied, only the MRFB exhibits ductility and overstrength which guarantee a stable behaviour, including for ductility values higher than the design one. During earthquakes, buildings with restricted ductility showed high overstrength, provided that their response remains within the elastic range. It is also confirmed the premise that greater resistance leads to less ductility: structures modelled with B 500 WD have higher overstrength and lower ductility than do those built with B 400 WD. 

The global behaviour of FBFB and WSB is influenced in great part by the structural type. If these buildings are reinforced with WD steel, they exhibit slightly higher ductility than if reinforced with W steel. However, for the case of MRFB, the use of WD steel instead of W steel provides a substantial increase in the ductility. 

Ductile response of the FBFB cannot be greatly improved via confinement of its elements; to improve their response, adequate configuration and dimensioning of the cross sections are also required. Good confinement alone is only advantageous for MRFB.

The ratio of the performance point displacement to the ultimate displacement is a measure of the ductility of the behaviour of a structure. In this study, values computed by means of static and dynamic analyses of the WSB and FBFB are greater than 0.7, showing that these buildings have a fragile response. By contrast, MRFB have lower values (0.24).
Among the studied buildings, the FBFB and the WSB show a greater probability of reaching states of severe damage compared with the MRFB, when they are subjected to seismic demand typified by the design spectrum.
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