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1. INTRODUCTION

1.0 Problem Statement

Evaluation, repair and rehabilitation of bridges are increasingly important topics in
current efforts to deal with the deteriorating infrastructure of developed countries.
In fact, after several years of large scale construction projects to build new highway
networks, the number of existing bridges is so large that current administrations need
to invest increasingly large amounts of funds on the maintenance, diagnostic and repair
of these bridges.

For example, in the United States about 40 percent of the nation’s 570,000 bridges
are classified as deficient and in need of rehabilitation or replacement according to the
Federal Highway Administration’s (FHWA) eriteria [1]. In Europe, the most important
infrastructure construction works were completed shortly after the end of World War I1.
Therefore, many of the existing bridges are now older than 40 years and the situation is
quickly resembling the one encountered in the US. In fact, a report by the Organization
for Economic Co-operation and Development (OECD) (2] states that more than 50
percent of existing European bridges are more than 25 years old.

In addition to aging, increased loading and environmental contamination are other main
causes of bridge deterioration [3]. The percentage of bridges damaged due to accidental
collisions is also very high, In fact, it has been reported [4] that about 0.9 percent of all
US prestressed concrete bridges are damaged every year mostly due to collisions which
account for 80 percent of the total observed damages [4,5].

Fortunately, despite the aging and deterioration of the bridge infrastructure, the rate
of eatastrophic bridge failures that is recorded is very low compared to other safety
risks that the public is exposed to in its daily routine. This is because current bridge
evoluation techniques are conservatively biased and implicitly or explicitly use high
levels of safety factors. On the other hand, these current evaluation methods do not
always provide an accurate measure of the true capacity of existing bridge systems. For



example, current design and evaluation techniques deal with individual members and
use procedures which ignore the effect of the complete structural system [6,7,8,9,10].
As currently performed, the safety check verifies that the strength of each member is
greater than the applied forces by a comfortable safety margin. The member forces
are calculated using an elastic analysis while member capacity (when appropriate) may
be calculated using inelastic member behavior. The safety margin is provided through
the application of safety factors (load and/or resistance factors) that are calibrated
based on experience and engineering judgment or using a combination of experience and
structural reliability methods. In addition, a check of member serviceability criteria such
as member cracking and maximum displacements under service loads is also performed
(6,7,8,9,10].

While the member-oriented linear analysis approach has been successfully used for new
designs, it does not provide an adequate representation of the safety of the complete
bridge system. In many instances, the failure of an individual member does not lead
to the failure of the complete system. On the other hand, because of possible large
nonlinear deformations, the bridge may be inadequate for truck traffic at loads that are
lower than those that will cause a system failure [11].

Loss of member capacity is also of concern. Bridge members are often subjected to
fatigue stresses that may lead to fracture and the loss of the load carrying capacity of
a main member. In addition, corrosion, fire or an accident such as collision by a truck,
ship or debris, could cause the loss of a member or the severing of the prestressing
strands. To ensure the safety of the public, bridges should be able to sustain these
damages and still operate albeit at reduced capacity. Therefore, in addition to verifying
the safety of the intact structure, the evaluation of a bridge's safety should consider the
consequences of the failure of one critical bridge element (11,12].

Because of the system effects and the high costs of bridge repairs, the evaluation of
damaged existing bridges requires a very careful analysis of the structural performance
of the bridge system as well as an economic analysis of the options available, Facing
a deteriorated or a damaged bridge, the evaluating engineer has to decide whether to
replace the damaged member or to repair it in-place; whether to restore the member
(or the bridge) to its original capacity or to permit a lower capacily. These decisions
are currently often made under the pressure to restore the facility to service without
performing an accurate structural safety analysis nor an economic analysis [13].

To avoid high costs of replacement or repair, the evaluation of an existing bridge must
accurately reveal the present load carrying capacity of the structure and predict future
loads and any future changes in bridge capacity due to deterioration. In addition, on a
more global scale, the repairs and replacements of bridges belonging to a network, must
be prioritized and optimized. This work requires an efficient decigion making process.
[t is thus imperative to explore all available methods, theoretical and experimental, as
well as previous practical experience and knowledge to devise a rational strategy to deal
with the problem [13].

The need to develop accurate deterioration models and practical tools for field
assessment of the degree of deterioration has been identified [13]. There is also a
consensus that bridge evaluation eriteria should be rationalized by basing them on state-



of-the-art methods, in particular on reliability theory [13]. Thus, a new generation of
bridge evaluation and maintenance criteria should be based on probabilistic methods
following a trend analogous to that used in the development of the current generation
of bridge design criteria. Relinbility has become an issue of inereasing importance
for highway bridges because of gradual increases in truck loads, difficulty of load
enforcement and increase in traffic. A probabilistic treatment is thus appropriate to
account for the influence of these trends [14].

Due to the gravity of the problem al hand, many studies on different aspects of bridge
dingnostics, evaluation, rehabilitation techniques and management strategies have been
initiated throughout the world. For example, new instrumentations and techniques for
the detection, diagnosis and monitoring of bridge structures are being tested by several
research organizations [15 through 22]. Models for deterioration rates of bridge members
are also under investigation [23,24]. Innovative methods for bridge strengthening and
rehabilitation are being implemented in current practice [25,26,27,28]. In addition,
reliability-based techniques for bridge member as well as bridge system evaluation
have been developed [29,30]. Finally, many US states and European countries are
developing bridge management systems in an attempt to optimize the use of the limited
resources available for bridge maintenance and rehabilitation [1,31,32,33]. The results of
these investigations however, were never assembled into a comprehensive and coherent
framework that can be directly used by a bridge engineer during the routine evaluation
of existing bridges.

1.1 Research Objectives and Report Outline

The objective of this study is to develop a comprehensive framework for the evaluation
of existing highway bridge systems based on reliability techniques and accounting for
the nonlinear behavior of these structures. To achieve these objectives the following
tasks are undertaken:

1) Develop analysis techniques to evaluate the true behavior and the actual capacity
of existing bridge systems taking into account their capacity to redistribute the
applied loads both longitudinally and transversely. The proposed methods should
be simple enough yet sufficiently accurate for easy implementation in system
reliability calculations.

2) Develop system reliability models to account for the uncertainties associated with
determining bridge loads and system capacity.

3) Develop a framework to utilize results of nondestructive testing and bridge
diagnostics in the safety evaluation of existing bridges using system reliability
techniques. This framework should be usable by the evaluating engineer to devise
optimum strategies for bridge evaluation and rehabilitation.

Chapter 2 of this report outlines a method to perform the nonlinear analysis of typical
highway bridge systems. Chapter 3 develops system reliability models to evaluate the
structural safety of highway bridge systems under the effect of truck loads. Chapter 4
develops a technique to evaluate the performance of damaged highway bridge systems
and develop tools for optimum decision making based on bridge system reliability,



inspection reports and costs of rehabilitation. Chapter 5 summarizes the findings and
outlines the direction of future research in the field of evaluation of existing bridge
systems.

2. NONLINEAR ANALYSIS OF BRIDGE SYSTEMS

2.0 Introduction

Bridge system capacity is defined as the capability of a bridge to carry heavy loads due to
the interlocking of members into a complete system. To study the nonlinear behavior
of bridge systems until their ultimate capacity requires the investigation of member
performance as well as transverse and longitudinal load redistribution. To calculate
this system capacity the nonlinear analysis of a bridge system is required. Many
computer programs are available to perform the linear elastic analysis of bridge systems.
For example, reference [59] gives a list of some of these programs such as GENDEK
[60], CURVBRG [61] and MUPDI [62]. These programs, however, are specialized for
the analysis of specific bridge types and are capable of performing only linear elastic
analyses. Therefore, they are not suitable for studying the complete nonlinear behavior
of bridge systems.

Specialized nonlinear bridge analysis programs are also available. For example, Kostem
and his co-workers developed programs BOVA [63] and BOVAS [64] to perform the
nonlinear analysis of concrete and steel slab on girder bridge systems. Idriss and White
[65] also developed a program to perform the nonlinear analysis of steel I-girder bridge
systems. Similarly, Maheu [44] developed a program to perform the nonlinear elasto-
plastic analysis of steel girder bridge systems. Scordelis and his co-workers developed
programs for the nonlinear analysis of box type bridges [67]. For example, the program
NOBOX [41] is used for the nonlinear analysis and ultimate strength of multi—cell
reinforced concrete box girder bridges. The program NAPBOX [56] is used for the
analysis of rectangular single-cell reinforced and prestressed concrete box girder bridges.
Kostem and Hand, also developed a program for the inelastic analysis of spread box-
beam bridges [68]. Each one of these programs was however designed to analyze one
particular type of bridges. An engineer who is interested in studying the behavior
of different types of bridges must thercfore be familiar with the requirements and
limitations of several such programs.

General purpose nonlinear finite element packages can also be used for the nonlinear
analysis of any structure and in particular bridge structures. For example, FINITE [69]
was used in reference [59] to analyze a variety of bridge structures but was only used
to study the behavior in the linear clastic range although the program is capable of
performing nonlinear analyses. The program ABAQUS [70] is an especially powerful
program that can be adapted to perform the analysis of any type of structure. For
example, ABAQUS [70] was used by Helba and Kennedy [71] to analyze the collnpse
londs of continuous skewed composite steel bridges. Other commercially available
programs with similar capabilities include ANSYS [66], NONSAP [72], DYN3D [73] and
many others. These programs are theoretically usable for any type of bridge structure.
The problem with such general purpose commercial packages, especially for use in



the nonlinear range, is the complexity of the required input data and the specialized
training required before an engineer becomes familiar with their use, capabilities and
limitations. For example, the nonlinear behavior is studied using the basic principles of
3-dimensional plasticity and thus the program requires complete input information on
the type of plastic flow model to be used and the definitions of failure in 3 dimensions.
Because of the difficulty of adapting the general purpose programs for large scale analysis
of many bridge types, this study uses a specially developed nonlinear bridge analysis
program NONBAN which can be routinely used to analyze the nonlinear behavior of
common type bridge structures. The advantages of the program NONBAN are:

1. The program requires simple input information such that it could be used on a
routine basis without requiring lengthy preparation of input data.

2. The program is applicable for studying the nonlinear behavior of commeon type
bridge structures including slab on I-beam bridges as well as box girder bridges.

3. The program gives a reasonably accurate representation of the global nenlinear
behavior of bridge systems.

The program NONBAN as developed in a related project [11] and modified in this study
uses o grillage (grid) analysis procedure. The program performs a nonlinear analysis of
bridge systems using a modified stiffness matrix that accounts for material nonlinearity.
In this program, the linear elastic stiffness matrices of the beam elements are modified to
account for possible flexural and shear nonlinearities as explained in section 2.1. Section
2.2 provides a general deseription of the program logic. A discussion on the nonlinear
material models used with NONBAN is provided in section 2.3. Sections 2.4 through 2.9
provide illustrations on the accuracy and the validity of the program by comparing the
results of NONBAN to analytical and experimental results of tests on bridge members,
as well as model and full scale field tests of bridge structures.

2.1 Stiffness Matrix Method for Bridge Analysis

The stiffness matrix method has been in use for several decades to perform the
linear elastic analysis of structural frames. In Europe, where bridge design codes do
not recommend simplified analysis approaches as currently provided by AASHTO's
distribution factors [6], the stiffness matrix approach is the most widely used method
for the linear elastic analysis and design of bridge systems. In most instances, the bridge
supersiructure is modeled as a grillage (grid) formed by linear elastic beam elements.
This approach is used for slab bridges, slab on girder bridges, as well as spread box beam
bridges and multicell box girder bridges. The latter types of bridges, however, require
careful modeling to account for the torsional capacity of the boxes and the distortion
of the cross section (in—plane deformations) [34].

Tn the derivation of the stiffness matrix for the linear elastic analysis of bridge systems,
the bridge is divided into beam elements interconnected via nodes. The deflections
and rotations of these nodes can be released or fixed depending on the boundary
constraints. In the linear elastic range, the beam element stiffness matrices assume
that the displacements at the ends of a beam element are equal to those of the nodes.
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As the loads are incremented beyond the elastic limits and the beam elements go into the
nonlinear range, it is often assumed that this plastification is concentrated at the ends of
the beam elements [35). This can be modeled as if the elastic part of the beam elements
are joined to the nodes by means of flexible connections. When the plastification (or
nonlinearity) is due to the effect of bending stresses, the flexible connections are modeled
as rotational springs. The relationship between the moments and the rotations of these
plasticized ends are represented by rotational stiffnesses. Although, these stifinesses
are not necessarily linear, they can be assumed to be piecewise linear [35]. Hence, this
model ean be used in an ineremental nonlinear structural analysis of a bridge system as
will be seen in section 2.2, The effeet of shear nonlinearity is discussed further below
when discussing the deformations due to shearing forces.

C. Plastic zone
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Figure 2.1, Definition of terms of a beam element with rotational springs

The derivation of the stiffness matrix of a beam element with rotational springs at
its ends follows the approach recommended in reference [35]. The following derivation
assumes a beam element in 2-D and uses the notation shown in Figure 2.1 where §,,
and 8 are respectively the spring deflection and the spring rotation of end 1. py, and
m are the plastic force and the plastic moment at end 1. The relationship between the
plastic forces and the plastic deformations of node 1 can be written in matrix form as:

Bl =10 4] []

5§ = Fapi (2.1)

or:

where &§; is the vector of generalized spring displacements of end 1. §; is formed by two
terms 6,1 which is the vertical displacement and the rotation #;. p; is the vector of
generalized spring forces at end 1, it is formed by two terms py; which is the vertical



force and the moment my. F_q is the spring flexibility matrix where 3 is the stiffness
of the rotational spring. B is equal to infinity when the beam is rigidly connected to
the node i.e. when the beam ends are still in the elastic range. On the other hand, 3 is
equal to zero when the plastic moment limit is reached. Figure 2.2.a shows an idealized

moment versus plastic rotation curve modeling the plastification due to bending stresses
of the ends of structural beam elements.
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Figure 2.2. Material nonlinearity models used in NONBAN

An equation similar to equation 2.1 can also be written for end 2 with a flexibility
matrix ¥,y expressed in terms of F3 the stiffness of the rotational spring at end 2.

%] = o 4] [
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§; = Faapz (22)

The flexibility matrix of end 2 of the beam element when the bending stresses are still
in the linear elastic range and accounting for shear deformations is given as:

] F]
Fﬂ'ﬂ — [ILET -l_ ){Lﬂv ELET] (2_3)
m

where I is the length of the beam element, F is the elastic modulus, I is the moment of
inertia and Ky iz the shear rigidity. When the shear force applied on the beam clement
is still in the linear elastic range Ky is equal to GAy where G is the shear modulus
and Ay is the shear area of the section. As the shear force exceeds its elastic limit,
Ky is modified to account for shear cracking and shear failure, Figure 2.2.b shows an
idealized shear deformation curve modeling the effect of shear nonlinearity. Equation 2.3
assumes that as the bending stresses of the beam element go into the nonlinear range,
the plasticized bending zone remains infinitely small and is concentrated at the ends of
the beam element. Thus, the length of the part of the beam element where the bending
stresses are still in the elastic range remains practically equal to the original length
L. If the shear deformations are negligible then Ky is set equal to infinity. If shear
nonlinearity is to be included in the analysis, the shear stifiness Ky can be updated as
the applied loads are incremented beyond the shear elastic limits (see section 2.3.1).
To satisfy equilibrium, the plastic forces that develop in the spring at end 1 due to
flexural nonlinearity will also create corresponding forces at end 2. These in turn will
also create additional displacements at end 2. Therefore, the total displacements at
end 2 are obtained by superposing the displacements due to the plastic forces directly
applied at end 2, the displacements at end 2 due to the part of the beam where the
clastic stresses are still linear and the displacements at end 2 due to the plastic forces
that develop at end 1 to satisfy equilibrium. The final flexibility matrix for end 2
is obtained from the superposition of the flexibility matrix of end 2, the linear elastic
flexibility matrix and the transformed flexibility matrix of end 1. This can be formulated
as follows:

F=Fg+Fpg + HF  H (2.4)
where H is the equilibrium matrix which gives the relationship between the forces that

develop at end 1 due to the plastic forces applied at end 2, H? is the transpose of H.
The equilibrium matrix H is given by:

Pyl | _ 10 Py2
my L 1] |ma

pz = Hpy (2.5)

or



where

o 1

The beam element stiffness matrix gives the relationship between the forces applied on
both ends of the beam and the displacements and rotations of the nodes. The part of
the beam element stiffness matrix that gives the relationship between the forces at end
2 and the displacements at end 2 is obtained by inverting the flexibility matrix F (35].

Ky = F! (2.6)

The part of the stiffness matrix that gives the relationship between the forces at end 1
and the displacements at end 1 is obtained by [35):

Ky = HKypH (2.7)

The part of the stiffness matrix that gives the relationship between the forces at end 1
and the displacements at end 2 is obtained by:

Ky = —H Ky (2.8)

The final stiffness matrix for one beam element becomes:

K K]B]
K = ;
[Kn Koo @4

where Koy is the transpose of Kyg. In addition to the terms due to bending and shear,
the grid analysis requires the inclusion of the torsional effects in the stifiness matrix.
These can be considered separately sinee the rotations due to torsion are uncoupled from
the bending and shearing rotations and displacements. More details on the derivation
of the stiffness matrix of beam elements with ends connected to rotational springs can
be found in reference [35].

2.2 Nonlinear Bridge Analysis Program — NONBAN

The program NONBAN was written to perform the nonlinear analysis of multi-girder
bridge systems using the incremental analysis technique [11]. To use NONBAN, the
bridge should be discretized as a grid with longitudinal beam elements used to model
the contributions of the longitudinal members such as main girders; and transverse
beam elements used to model the contributions of transverse members such as slab,
flanges and diaphragms. Figure 2.3 shows an example describing the discretization of a
slab on I-girder bridge.

Material nonlinearities are only considered for bending about the main axis of each
clement and for shear deformations in the vertical direction. The nonlinear behavior of
each element is represented by a moment versus plastic rotation (M - @) curve and a
shear deformation curve as shown in Figure 2.2. The plastic rotation is defined as the
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Figure 2.3, Typical grid model for bridge superstructure

total rotation minus the elastic rotation. The points of transition between segments of
the (M — @) curve will be referred to as “subhinges”. When the moments and shear
forces on a beam element are below the elastic limits, the calculation of the stiffness
matrix assumes that #y and 3 of equations 2.1 and 2.2 are equal to infinity and that
Ky of equation 2.3 is equal to GAy. When the moments or the shear forces on a
beam element exceed the elastic limits, the appropriate values of fy, A3 and Ky are
taken from the moment rotation and shear deformation curves and the stiffness matrix
is calculated using the equations developed in section 2.1.

To consider the nonlinear behavior of the bridge system, the incremental loading
technique is used. To perform the incremental analysis, it is first assumed that all
beam elements are in their linear elastic range corresponding to the first segment of
each element’s M — # and shear deformation curves. A load is then applied on the
structure and the forces and deformations of each element are ealculated. Each beam
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clement is then checked to calculate the factor by which the initial load ghould be
multiplied in order to reach the level at which the next subhinge will form or the level
at which a new slope is reached in the shear deformation curve. The load factor thatl is
finally applied for the whole bridge system is the lowest factor obtained. The internal
forces and deflections are caleulated for the factored load. These are the final results of
the first iteration.

The stiffness matrix of the element where a subhinge forms, or which reaches a level
at which the shear deformation slope changes is updated using equation 2.9. This is
achieved by using f values in equations 2.1 and 2.2 obtained from the appropriate
segments of the moment rotation curves. Similarly, the value of Ky used in equation
2.3 is replaced by the appropriate shear deformation slope. A second elastic analysis
is then performed with the updated stifiness matrix and with the original load. Every
element is checked to find the lowest possible load factor by which the results of the
second analysis should be multiplied to produce a new subhinge or to reach & new shear
deformation slope. This load factor is the incremental load factor.

The results of the second analysis are multiplied by the incremental load factor and
then added to the results of the first iteration. These are the results of the second
iteration. The total load factor at this stage is the incremental load factor added to the
load factor obtained in the previous iteration. The process is thus repeated until the
structure becomes unstable or until a predetermined stopping criterion is met. Typical
stopping criteria include a total deflection limit or a total rotation limit.

The results of the incremental analysis are typically presented in curves giving the load
factor versus the response of interest, Common plots usually give the load factor versus
maximum deflection.

A flow chart describing the logic used by NONBAN is provided in Figure 2.4,

2.3 Material Nonlinearity

In addition to the beam geometric and elastic material properties, the program
NONBAN requires a representation of the nonlinear material behavior. To use the
formulation developed in section 2.1, the material nonlinearity should be summarized
in moment versus plastic rotation curves and in shear versus shear deformation
relationships. Main bridge elements could be either concrete (reinforced or prestressed)
or steel (composite or noncomposite). The behavior of these two types of materials is
different and thus are treated separately in this study.

#.8.1 Nonlinearity of Conerete Members

The nonlinear behavior and the ductility of concrete beams is normally modeled using
moment versus curvature relationships [36]. These relationships are developed using
the principle of equilibrium in function of member geometry and the stress-strain
relationships of the concrete and the reinforcing and/or prestressing steel. Moment
versus plastic rotation curves can also be used to model the nonlinear behavior of
concrate members. These curves can be obtained using a combination of analytical
and empirical methods as explained below.

11
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Definitions

As the load applied on a conerete member increases, and the strains at some section go
beyond the elastic limits, the section undergoes inelastic deformations. One measure of
the total internal deformations of a section is the curvature ¢ defined as:

b= = (2.10)

Where £ is the strain of the extreme compression fiber and ¢ is the distance from the
extreme compression fiber to the neutral axis. In general, the total curvature ¢ can be
divided into an elastic part ¢, and a plastic part ¢,

b = de + & (2.11)

Knowing the stress-strain relationships for all the materials forming a section, the
relationship between the internal bending moment applied on the section and the
curvature can be calculated from equilibrium. Typical stress versus strain curves for
concrete, reinforcing steel and presiressing steel are shown in Figure 2.5. Examples of
moment versus curvature plots for typical reinforced concrete and prestressed concrete
sections are given in Figures 2.6 and 2.7,

The total rotation @ of a section is related to the eurvature ¢ by the differential equation:

0 = ¢ de (2.12)

where dz is the differential lnngth of the beam section under consideration.
If the total rotation is divided into an elastic rotation &, and a plastic rotation 8,, then:

As the plastic deformation spreads over a portion of the beam of length Lp, the total
plastic rotation becomes:

Lp
0, = /D by de (2.14)

where ¢, is the plastic curvature and Ly, is the length of the plastic hinge. Since ¢, varies
over Ly and since Ly is difficult to estimate, it is usual to assume that the curvature
is constant over the length of the plastic hinge L, which is usually estimated using
empirical equations. In this case the plastic rotation ean be caleulated from the plastic
curvature using the equation:

Op = ¢p Lp (2.15)
Maximum Plastic Rotations

Conerete members will keep loading until they reach their ultimate moment capacity.
As the section goes into the inelastic range, plastic hinge rotations will occur. These
plastic lﬁngc rotations are related to the strain in the member. Once the ultimate
strain capacily is reached, it will result into a maximum possible plastic hinge rotation

13
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Figure 2.7, Example of moment versus curvature plot for a presiressed concrete section

al which point member failure will occur, Unloading will occur suddenly once this
maximum plastic hinge rotation value is reached. It was observed that the maximum
plastic hinge rotation that a section can sustain is a function of the section geometry,
the reinforcement ratio and the level of lateral confinement [36].

Several methods have been proposed to estimate this maximum plastic hinge rotation.
For example, Naaman proposed an empirical formula that gives the maximum plastic

15



hinge rotation in function of the distance to the centroid of the reinforcing steel, the
plastic hinge length and the reinforcing index [37]. His equation was obtained by fitting
a curve through analytically derived data points. His proposed equation is valid for
reinforced, prestressed or partially prestressed concrete members and is given by:

0 105 = 165W L,
PR T 300W ~ 40 @'

(2.16)

where Ly is the length of the plastic hinge, d is the effective depth of the section and

W is the reinforcing index which gives the ratio of the forces in the reinforcing steel to

those in the concrete:

Aps fps + As o + A, s
bdf

fpa is the tensile stress in prestressing steel at the nominal ultimate moment capacity,
fs is the tensile stress in non-prestressed tensile steel, f! is the compressive stress in
steel, f! is the compressive strength of concrete. Ap; is the cross sectional area of
prestressed steel, A, is the cross sectional area of non—prestressed steel and Al is the
aren of compression steel. b is the width of flange or web width of rectangular sections.
d is the distance from extreme compression fiber to centroid of tensile force in steel.
The length of the plastic hinge can be estimated based on empirical formulas. For
example, reference [36] proposes the following equation:

W = (2.17)

For unconfined concrete Lp = ky kg ks (2/d)'/* d

For confined concrete Ly = 0.8 ky k3 (2/d) ¢ (245
where ky, ks and ks are constants reflecting the type of steel used, the level of axial
load and the strength of conerete respectively. z is the distance of critical section o the
point of contra-flexure. d is the effective depth of the member and ¢ is the neutral axis
depth at the ultimate moment of the member [36]. Naaman [37] showed that equation
(2.16) gives a lower bound when compared to the experimental results of Mattack given
in reference [38].

Moment Rotation Curves for Concrete Members

For the purposes of this study, the nonlinear behaviour of concrete members under
bending is modeled following these stepa:

1. Moment versus curvature relationships are plotted for every concrete section using
the principle of equilibrium depending on each section’s geometry and the stress—
gtrain relationships of the concrete, reinforcing steel and/or prestressing steel.

2. Qiven the moment—curvature plots, moment versus plastic rotation curves are
obtained using equations 2.15 and 2.18.

3. Bquation 2.16 is used to determine the maximum plastic hinge rotation that cach
section can sustain, When the plastic hinge rotation of a section reaches this
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maximum value, the section is assumed to fracture and will not be able to carry
load and unloading occurs.

Shear Nonlinearity

In addition to nonlinearity under bending, concrete members exhibit nonlinear behavior
due to shear, Shear behavior, however, is very difficult to model. Experimental results
on the behavior of concrete members under shear show extremely wide scatter and the
models available for predicting the ultimate shear capacity are extremely unreliable
[36,39,40]. Although bridge field tests and model tests have shown that shear failures in
bridges under high loads are not usual, modeling the shear transfer mechanism seems to
be an important factor for the analysis of concrete box-gider bridges [41]. In this study,
modeling the shear behavior of concrete members uses a multilinear shear deformation
curve as proposed in reference [11] (see Figure 2.2). When the beam is still in the linear
elastic range, the initial shear stiffness is given as:

KVﬂ = GAV (2.19)

where (7 is the shear modulus and Ay is the shear area. This is the slope of the first
segment of the shear deformation curve, In this range, the shear forces are assumed
to be mostly carried by the concrete and the longitudinal reinforcing steel. The slope
remains constanl until the conerete cracks at a load V.. If no shear reinforcement
is provided, the member will fail at that load level. Vr can be caleulated using the
empirical equation proposed by Zsutty [42] (see also reference [36]) by:

1 1/3
Ver = 59 (fi-%l‘i-f) bu d (2.20)
where fl is the concrete compressive sirength in psi, py is the flexural shear
reinforecement to shear area ratio and a/d is the shear span ratio. by, iz the web width
and d is the effective depth.

If shear reinforcement is provided, it would produce additional strength and the ultimate
shear capacity would be due to a combination of the concrete strength and the strength
due to the vertical shear reinforcing bars. The slope of the shear-shear deformation
curve above the cracking level can be obtained using the equation derived by Park and
Pauley [36] which is given as:

_ P
K = 75 Babu d (2.21)

where B, is the clastic modulus of the reinforcing ateel, by, is the web thickness, d is the
effective depth, and p, is the shear steel reinforcement ratio. n is the modulus ratio.
Ultimate shear capacity is normally caleulated by summing the capacity at cracking Ver
to the capacity of the reinforcing steel V; such that:

Vu = Vor + Vs (2.22)
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where V, is equal to:

Vo = ﬁ-‘—{ﬁi (2.23)
Ay is the area of shear reinforcement within a distance a, fy is the yield stress of steel,
d is the effective depth of the section.
This model and similar models are widely used throughout the world although they
are known to vastly underpredict the true shear capacity. This is because they ignore
many of the physical phenomena that help provide additional shear capacity such as
arch action, aggregate interlock etc. [39,40]. Many researchers are trying to develop
better models based on the theory of fracture mechanics. These models however require
further refinement before they can be used in actual practice [43].

2.3.2 Ductility of Steel Members

(Clonsiderable research on the inelastic behavior and the ductility of steel and composite
bridge members took place since the mid-1960’s. Observations made by researchers in
this field are summarized by Maheu [44].

As reported in reference [44], experimental results showed that composite sections
provide large shape factors (Mp/My ) on the order of 1.5, while it is about 1.15 for naked
steel sections. Failure of composite sections with relatively deep slabs was murked by
erushing of the slab only after considerable strain hardening had occurred in the bottom
flange of the beams, However, for sections where the plastic neutral axis is located in
the steel section, the ultimate moment may not be reached since the concreie may crush
before the steel section could yield throughout. Therefore the location of the plastic
neutral axis is an important factor in determining both the capacity and the ductility
of a composite section. Based on his literature survey, Maheu [44] also observed that a
minimum number of connectors is needed to reach the maximum moment but beyond
that, additional connectors did not contribute fo the moment capacity.

Maheu [44] also reports that for negative bending, failure was usually caused by
local buckling at the point of maximum negative moment; this was dependent on
the slenderness of the flange and the web. Therefore, slenderness limits for compact
sections and bracing requirements are important to prevent local buckling during plastic
rotations. It was also observed that beams made of high strength steels, low strength
concrele and thin slabs tended to lack ductility.

Schilling [45] summarizes the results of experimental studies on steel ductilities. These
studies resulted in a number of moment-rotation curves that give the relationship
between the applied moment and the plastic rotation of simple and continuous steel
beams. Schilling’s curves give the total plastic rotation over the finite length in which
yielding occurs. Thus, the total plastic rotation is assumed to be concentrated in
a small region representing an angular discontinuity, and the rest of the girder is
otherwise assumed to be elastic. The curves that Schilling proposed were derived from
experimental data which account for: Steel yielding including the effect of residual
stresses; the spread of the yielding along the length as the loading progresses; cracking
or local crushing of the slab; permanent distortion of the cross sectional shape; and
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any other factors thal cause permanent rotations. Different curves are proposed to
cover composite and non-composite, compact and non-compact sections in positive
and negative bending. The curves proposed by Schilling and discussed in this section
are used in conjunction with the program NONBAN to perform the inelastic analysis
of typical steel bridges.

Positive Bending of Composite Sections

The moment rotation curve for positive bending sections is given in Figure 2.8.a. The
ordinate gives the ratio of the applied moment to the plastic moment Mp. Yielding
beging at a moment level equal to 0.2 My due to the presence of residual stresses.
The moment rotation curve reaches Mp at a plastic rotation of 15 milli-radians and is
assumed to remain constant at My thereafier. Unloading occurs at such a very high
rotation level that it can be ignored. Schilling [45] observed that the slab normally
provides sufficient support to the compression flange to prevent premature unloading
due to local or lateral buckling. Therefore, this curve applies for both compact and
non-compact sections. The inelastic behavior is mainly due to conerete crushing at
shear studs and yielding of the steel.

Positive Bending of Non—Composite Sections

For non—composite sections in positive bending, Schilling recommends to use the curve
shown in Figure 2.8.b. The same curve is appropriate for both compact and non-
compact, non-composite sections in positive bending. This is based on the assumption
that the slab provides sufficient support to the compression flange to prevent premature
unloading due to local or lateral buckling even if the section is not composite. This
assumption is consistent with the new proposed AASHTO LRFD specifications [9] as
well as the AASHTO ASD method [46]. The inelastic rotations result from the residual
stresses in the steel, The maximum plastic hinge rotation that the section can take is
63 mrad (0.063 rad). Beyond this point, the section unloads and instability occurs.

Negative Bending of Compact Sections

Schilling assumes that all sections in negative bending act as non-composite sections.
The effect of the steel reinforcement in the deck is ignored even if shear studs connect
the steel beams to the deck in the negative bending region. The same curve used for
positive bending of non-composite sections shown in Figure 2.8.b is therefore used for
compact sections in negative bending.

Negative Bending of Non—-Compact Sections

If the section in the negative bending region is non-compact it will not be able to reach
its full plastic capacity because of local and lateral buckling. Nonlinear behavior starts
at a load level equal to 0.7 My due to residual stresses. As soon as the moment reaches
the yield capacity of the section, it becomes unstable and starts to unload. Schilling
observed that this will occur at a plastie rotation roughly equal to 5 mrad. Unloading
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Figure 2.8. Moment rotation curves for steel members

will continue until the plastic rotation reaches a value of 256 mrad where all load-carrying
capacity of the section is lost. This behavior is modeled as shown in Figure 2.8.c.
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2.4 Nonlinear Analysis of Beam Models in Bending

To verify the validity of the approach proposed in this study for the analysis of
bridge structures, several comparisons between published experimental results and the
results of NONBAN were undertaken. For example, Rabbat et al. [47] performed
an extensive experimental investigation to determine the behavior and strength of
prestressed concrete girders with draped and blanketed strands after subjecting them
to repetitive loading. The girders were then tested to destruction under static load.
Rabbat et al. observed that the ultimate strength capacity was not affected by the
cyclic loading if the repetitive loading did not cause cracking in the concrete. This
was true for both the blanketed and the draped specimens. Plots showing the applied
load versus maximum deflection for the static tests were given in reference [47]. The
dimensions and material properties of the specimens were also given. Specimen G14 with
blanketed strands was chosen for this comparison. Figure 2.9 compares the test results
obtained by Rabbat ef al. to the results obtained using NONBAN. The comparison
shows good agreement for the whole range of behavior including the determination of

the failure point.
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Figure 2.9, Comparison between prestressed beam test (Rabbat ef al.) and NONBEAN

Hawkins, Sozen and Siess [48] give the results of 22 tests of two span continuous
pretensioned prestressed concrete beams. They plotted load deflection curves for two
tested gpecimens. The two specimens were quite similar except for the amount of
longitudinal steel reinforcement. The behavior of the specimens under static load tests
was monitored until failure. Figure 2.10 shows a comparison between the results given
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in reference [48] and the results obtained using NONBAN. Here again, good agreement
is observed between the results including the determination of the failure point.

2.5 Nonlinear Analysis of Concrete Beam Models in Combined Bending and
Shear

To test the validity of the approach proposed in section 2.3.1 to include shear effects in
the analysis of concrete beams, the example published by Lépez [49] is reanalyzed herein
using the program NONBAN. Lépez performed a nonlinear finite element analysis to
predict the behavior of prestressed concrete bridge members under combined bending,
torsion and shear. In one example, he compared the results he obtained for a prestressed
conerete beam under combined bending and shear to experimental results obtained by
Serrano [50]. NONBAN was run using the models proposed in section 2.3.1 to account
for the nonlinear behavior of the beam. Figure 2.11 shows the cross section and the
profile of the tested prestressed concrete beam. The material properties are also shown in
Figure 2.11. Figure 2.12 shows a comparison between the results obtained by NONBAN
and the experimental results obtained by Serrano [50] and the finiie element results
obtained by Lépez [49]. The results indicate that the ealculation of the eracking shear
capacity as calculated in equation (2.20) is fairly accurale as are the slopes calculated
from equation (2.21). On the other hand, the ultimate shear capacity as calculated
from equations (2.22) and (2.23) is extremely conservative underpredicting the actual
capacily by more than 40 percent.

A similar analysiz is performed to compare the models proposed in this study to the
experimental results performed by Serra and Mari at UPC [51]. The experimental results
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Figure 2.11. Descriplion of beam model analyzed by Lépes

for a reinforced concrete beam under combined bending and shear are compared to the
results of the program NONBAN. Once again, the loads causing flexural cracking as well
as the loads causing shear cracking and the slope of the load-deflection curves obtained
by NONBAN are very similar to the values obtained experimentally as seen in Figure
2.13. The ultimate failure lond however predicted using equations (2.22) and (2.23) was
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Figure 2.12, Comparigon of results from FEM, NONBAN and teat results

found to be much lower than the value measured experimentally the difference being on
the order of 20 percent.

The observed “conservativeness” in the prediction of the ultimate shear capacity of
conerete beams was highly expected. In fact, Park an Pauley [36] have shown that
there is very wide scatter in the results of shear capacity tests and that the currently
used shear strength models only provide lower bounds o these test results.

2.6 Analysis of Box Beams under Torsion

The program NONBAN is designed to model a bridge as a system of one dimensional
beam elements. The program accounts for the torsional deformations of the beam
elements in the linear elastic range using the torsional rigidity of each member
represented by G Iy where G is the elastic shear modulus and I is the torsional inertia.
This approach can be used for the analysis of slab on I-beam type bridges where the
torsional inertia of the longitudinal beams is relatively small and does not significantly
contribute to the lateral distribution of the load. For box bridges, where the torsional
properties of the members are extremely important, Hambly [34] proposes a model that
accurately accounts for the torsional capacily as well as the in—plane deformations of
the boxes. The model, however, does not account for out—of-plane deformations such as
those due to warping. The model proposed by Hambly can be summarized as follows:

1. To account for the Hexural capacity of box girder bridges, each web of a box girder
is nssumed to act as a one dimensional beam element in the longitudinal direction
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with & moment of inertia equal to 1/n of the total moment of inertia of the box.
(where n is the number of webs). Another option involves the use of weighting
factors where the weighting factors are functions of the location of the center of
gravity of the whole girder and the tributary area of each web. Although more
theoretically sound, Hambly suggests that the second opfion does not significantly
improve the accuracy of the resulis.

2. To account for the torsional capacity of the box girder, the total torsional inertia
of the box is divided to each longitudinal beam (representing the contribution of
a web) and to the transverse beams (representing the contribution of the upper
and lower flanges including the effect of the slab). Each web will carry 1/2n of the
total torsional inertia and each transverse beam carries s/2B of the total torsional
inertia (where s is the spacing between the transverse beams and B is the total
width of the box girder).

3. To account for the in-plane deformations of the cross section (or cross—sectional
distortions), Hambly assumes that the flange of the box acts in the transverse
direction as a shear beam. The moment of inertia of this transverse beam is
caleulated from the moment of inertia of the top flange (including the deck slab for
composite box girders) and the bottom flange. The shear area of this transverse
beam is calculated as a function of the capacity of the box to resist in—plane forces
applied on the whole box.

The scheme proposed by Hambly ignores the effect of out—of-plane deformations such
as warping effects etc. In fact, Soliman et al. [58] have shown thai out-of-plane
deformations are negligible for box girders with support diaphragma. Since normal
bridge designs includes diaphragms at the supports, it is concluded that the out—of-
plane deformations can be ignored without significantly affecting the results.

This modeling scheme is summarized in Figure 2.14. Hambly [34] proposed his method
to model the linear elastic behavior of bridges using a grillage analysis. The nonlinear
torsional behavior of structural members is extremely difficult to model because of the
interaction between the torsional capacity with the shear and moment capacities of
structural members [52]. It is herein assumed that for a bridge system, torsional loads
will remain in the linear elastic range and that the nonlinear behavior of the bridge is
only due to bending and shear. The validity of this assumption for the nonlinear analysis
of box bridges is verified in sections 2.8 and 2.9 by comparing the results obtained by
NONBAN using the Hambly modeling scheme to experimental and analytical results
obtained by other researchers.

To test the applicability of Hambly’s approach for the linear elastic analysis of boxes, an
example taken from Calgaro J.A. and Virlogeux, M., [53] is analyzed, The properties
of the box example and the applied loading are shown in Figure 2.15. The box is
fixed at both ends and a uniformly distributed torsion is simulated by an antisymmetric
distributed load applied on top of the webs. To solve this type of torsional problems,
Calgaro and Virlogeux developed an analytical method based on the principles of
equilibrium. The method they developed resulted in a differential equation similar
to that oblained for beams on elastic foundations. Closed-form solutions were possible
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for simple boundary conditions such as simple supports or fixed supports similar to
those uged in the example shown in Figure 2.15. The model ignores the effect of web
shear deformations as well as the effect of out-of-plane (e.g. warping) deformations.
The beam properties used in the NONBAN analysis are shown in Figure 2.15. The
results obtained from NONBAN are compared to the theoretical results obtained by
Calgare and Virlogeux in table 2.1. For example, using NONBAN, the maximum
bending moment in a longitudinal member was found to be equal to 18.9 kN.m resulting
in a maximum stress of 6.10 MPa. The maximum stress calculated theoretically was
found to be equal to 6.27 MPa. On the other hand, the maximum deflection ealeulated
theoretically was found to be equal to 1.49 10~ m while the grillage analysis yielded
a deflection of 1.77 107 m. Using concentrated point loads at the mid-span rather
thnn the uniform loads over the full length, yielded a maximum displacement of 6.93
10~7 m using the theoretical a ‘Ppmach of Calgaro while NONBAN yielded a maximum
displacement equal te 7.0 107" m. Since the analytical approach proposed by Calgaro
and Virlogeux does not account for out-plane deformations nor does it account for shear
deformations in the webs of the boxes, so {o be consistent with the latter assumption,
NONBAN was used assuming infinitely large web shear areas. NONBAN does not
account for out-of-plane deformations.

The modeling scheme proposed by Hambly was also tested by comparing the results of
NONBAN {o the resulls obtained by Seible for the linear elastic analysis of boxes under
torsion. Two concrete boxes one with a base of 3 ft and the other with a base of 9 ft
under loads producing high levels of torsions were analyzed by Seible and compared to
previously published analytical results. The results obtained are summarized in Figure
2.16. For the 3 {t wide box, the model proposed by Hambly and used in NONBAN seems
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Figure 2.15, Properties of box beam analyzed by Calgaro el al,

Case Calgaro ef al. NONBAN
Distributed load
Max. Stress 6.27 MPa 6.10 MPa
Max. Displacement 1.49 E-5 m 1.77 E-5 m
Concenirated load
Max. Displacement 6.93 E-Tm 7.00 E-7 m

Table 2.1. Comparison of Results of Calgaro ef al, to NONEAN

to overpredict the maximum deflection when NONBAN includes the shear deformations
in the webs. The maximum deflection obtained with NONBAN is 4.2 10~% fi compared
to 2.93 107 ft obtained by Seible. When the shear deformations are not included,
then the maximum deflection calculated by NONBAN becomes 2.80 10" f which is
reasonably close to the results of Seible. On the other hand, as shown in Figure 2.16
for the box with the 9 ft base, Seible obtained a maximum deflection of 10.26 1075 1
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compared to 8.70 1075 ft with NONBAN including web shear deformations. For the
case when the web shear deformations are nol included, NONBAN produces a deflection
of 5.93 107" {i The theoretical model of Calgaro and Virlogeux for the box with the 9
ft base produced a maximum deflection of 5.58 1075 fi.
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Figure 2.16. Comparison of NONBAN to torsion examples of Seible

The conclusion drawn from these examples indicate that:

1. The modeling scheme proposed by Hambly [34] produces deformations under high
torsional loads similar to those obtained analytically by Calgaro et al. [53]. This
ignores the effect of web shear and out-of-plane deformations such as the effect of

warping.
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2. The effect of warping and web shear deformations are negligible for torsionally rigid
boxes under relatively small torsional loads such as the 3 ft box beam tested by
Seible. Hence, Hambly’s modeling scheme and Calgaro’s analytical methods are
valid.

3. Hambly's modeling scheme and Calgaro’s method underpredict the deformations in
box girders where warping is important under high torsional loads. This is because
in such cases, the out-of-plane deformations and the web-shear deformations
become more significant.

Since the torsional loads applied on bridge structures are not normally the dominant
loading conditions and since the presence of diaphragms will reduce the effect of
deformations due to warping, it is herein concluded that Hambly’s modeling scheme
ig nccurate enough to account for the correct load distribution of concrete box girder
bridges. This assumption will be further verified in the examples analyzed in sections
2.8 and 2.9.

2.7 Nonlinear Analysis of Slab on I-Beam and T-Beam Bridges

To check the validity of the program NONBAN to analyze slab on I-beam bridges, the
results of a composite steel [-beam bridge previously analyzed in the nonlinear range
by other researchers are compared to those obtained by NONBAN. In addition, the
published results of three full scale bridge field tests are compared to those obtained
by NONBAN. The three full scale tests are for a reinforced concrete T~beam bridge, a
prestressed concrete I-beam bridge and a non-composite steel I-beam bridge.

Comparison of NONBAN to Other Nonlinear Analysis Programs

The program NONBAN was tested by analyzing one of the bridges used by Maheu
in a study for the Ontario Ministry of Transportation [44]. The bridge is a slab-on-
girder steel structure composite in both the positive and negative bending regions, The
five-girder two-lane bridge has two continuous spans of 13.8 m each. The bridge was
modeled as a grid by Maheu [44] and the analysis was performed assuming elasto-
plastic behavior of the longitudinal members i.c. no transyerse hinges are included in
the analysis. This assumption was based on the observation made by Maheu (44] that
experimental tests have shown that deck slabs possess much greater strengths than their
flexural resistances would suggest and thus failure of slabs in the transverse direction is
unlikely. The steel sections were assumed to be compact and fully braced. The bridge
was symmetrically loaded using four OHBDC vehicles as shown in Figure 2.17. The
results of the analysis are presented in Figure 2.18. The figure shows the total applied
live load versus maximum deflection. The dashed line gives the results as published in
reference [d4]; the solid line gives the results obtained using the program NONBAN.
The comparison indicates that the post—elastic behavior obtained using NONBAN is
very close to the curve obtained by Maheu.

30



&
50 L 950

(. =
Two lares I

§ loaded

. One lani
[ l laaded [—ﬁ|
I I I 1 1T

a) Tranverse positions afl OHBD vehicle

All dimefdions 0 imm

160 200 1401 140 B KN
t‘;:Ln l!'l?r?&‘!b 1 Symmalrical
vahicls l l l l l aboul cantraling

¢
I
|
Py ray
L 7m0 | o ) Lseon) seee |

1000 1200

b) Longitudinal position

Figure 2.17. Loading and layout of bridge analyzed by Maheu

20
=
I_...--l""""“_'-._
5
-
=
i
L
g 10
-
-
e HONFIAH
————— REFERENGE
0 = T f f T T 1
[i] LA1} 1000 1 50 200 250 00 350

DEFLECTION (mm)
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Comparison to full-scale Bridge Tests

Figure 2.19 gives the layout and the properties of the simply-supported reinforced
concrete bridge tested by Buckle et al. [54]. During the tesi, the researchers observed
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that the handrail on the bridge added to the capacity of the bridge as long as composite
action between the handrail and the deck slab was maintained. At near-ultimate
conditions, the curb separated from the slab and the contributions of the handrail
to the bridge load capacity diminished rapidly. Although shear failures were observed
in the deck, transverse load distribution continued. Only minor damage was observed
in the diaphragm. The researchers also observed that compressive membrane action
in the slab contributed significantly to the reserve strength of the bridge. Figure 2.20
gives a comparison between the results obtained in the field to those obtained from
NONBAN. Reference [54] indicated that the ultimate bridge capacity was found to be
1480 kN although the maximum displacement for that load was not available, NONBAN
produced o maximum load capacity of 1600 kN for a maximum deflection of about 130
mm. This constitutes a difference of about 8 percent in the estimation of the ultimate
capacity. According to Buckle et al, (who also overestimated the ultimate capacity)
the discrepancies between the test results and the analysis may be due to errors in
estimating the material properties and also due to ignoring the possibility of damage to
the bridge due to shear and torsional effects. The bridge when tested was quite old and
the core samples used to estimate material properties showed high variability due to
deterioration. Thig variability was ignored in the analysis. Nevertheless, the agreement
with the test results were reasonably good given the simple models used in the analysis.
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Figure 2.19. Layout of bridge tested by Buckle

Figure 2.21 describes a simple span prestressed concrete bridge tested by Burdette
and Goodpasture [55]. The bridge consists of fuur, type III AASHTO girders acting
compositely with a 7 in. thick deck slab. The behavior of the bridge was monitored until
failure. Overall behavior of the bridge was not affected by cracking of the diaphragm or
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Figure 2.20. Comparison between results of Buckle and NONBAN

the interior girders. However, when the composite action between the deck and girder
broke loose, erushing of the interior sections followed resulting in the redistribution of
the load to the exterior girders. Failure occurred at a load of 1140 kips when the interior
girders completely failed. Figure 2.22 gives a comparison between the results obtained
using NONBAN and the field tests. The maximum load capacity was estimated to be
1190 kips and good agreement is observed for the whole range of behavior.

A two-lane non-composite steel girder bridge was also tested by Burdette and
Goodpasture [55]. The three-span continuous bridge had four 27 in., rolled beams
at 7 ft 4 in., center to center. The load versus deflection curve given in reference [55) is
compared to the results of NONBAN in Figure 2.23. The agreement is quite good except
for the slope of the linear elastic loading portion of the curve, In this region, Burdette
and Goodpasture 55| observed considerable composite action which dissipated as the
ultimate capacity is reached. The model used with NONBAN assumed non-composite
behavior throughout the test range, The sequence of hinge formation observed using
NONBAN followed the same pattern observed during the field test. NONBAN predicted
that the peak load was reached when the maximum deflection was 27.3 in. The field
test showed that the peak load was reached when the maximum deflection was 26.4 in.
The difference between the maximum load capacity estimated by NONBAN and that
measured in the field was less than 4 percent. The field test however, was continued
beyond the peak load until the deflection reached 38.4 in.

2.8 Nonlinear Analysis of Box Girder Bridges

Another verification of the validity of the analysis approach proposed in this study
has been performed by comparing the results obtained by NONBAN to the results
of Choudhury and Scordelis [56]. These authors developed a finite element model to
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Figure 2.23. Comparison between steel bridge test and NONBAN

perform the nonlinear analysis of box girder configurations. Although their program
was tested in the linear elastic range against experimental results, it was not tesled in
the nonlinear range because of the “inavailability of experimental data”. They used
their program to study the behavior of one example bridge under Cal Trans special
permit vehicles [56]. The bridge is a unicell, three-span (160, 200°, 160’) continuous
prestressed concrete curved box girder bridge designed to satisfy AASHTOs H5-20 and
Cal-Trans requirements, The bridge geomelry and material properties are as shown in
Figure 2.24. For this example, the bridge model and member properties used with
NONBAN follow the scheme outlined by Hambly [34]. The NONBAN input data is as
shown in Table 2.2, In this example, il was assumed that material nonlinearities are
only due to flexure. Also, to simplify the input data preparation, the moment versus
rotation curves for each section was assumed to be bilinear i.e. elasto—plastic behavior
of the members was asgsumed. Shear deformations are included in the NONBAN analysis
but the shear is assumed o remain in the linear elastic range. The results oblained
from NONBAN are compared to the analytical results of Choudhury as shown in Figure
2.25. The results show good agreement between NONBAN and the published results.
As expected, the curve produced with NONBAN is somewhat stiffer than the published
curve because of the simplifications used in developing the moment-rotation curves
used in NONBAN. i.e. the fact of using bilinear moment-rotation curves. NONBAN
somewhat underpredicta the ultimate load due to puasiblc overestimation 1 the dead
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load and also due to minor changes in the loading conditions. (Figure 2.24 shows the
loading condition used in referene [56] and that used with NONBAN). The results of
this example emphasize that even with a rough approximation of the moment rotation
curves, NONBAN produces reasonably good agreement with the results of specialized
finite element programs for the nonlinear analysis of box girder bridges. It should be
noted herein, that if shear failure was included in the analysis, the ultimate capacily of
the bridge would have been highly underpredicted. This is because the currently used
shear strength meodels of equation 2.22 underpredict the shear capacity of the webs.
This would have predicted a load factor at ultimate of only 1.2 rather than the value of
5.6 predicted in reference [56].

Concrete Retutorsing Stoc) Prestressing steel
Longitudinal Transvorse

I = 4,000 psi y = 60 ksi fyt = 60 kai ey = 0.00715; &; = 196.6 ksi
E. = 3.605 x 10% psi | E,, = 29,000 ksi | B, = 20,000 ksi | e3 = 0.00000;: oy = 220.0 kai
fi1 = 500 psi Eiz=10 €3 = 0,01150 ; oy = 240.0 ksi
€y = 0,004 iy = 0,03 £y = 0.013650; oy = 245.0 kai
A = 0.85 €5 = 0.05800; oy = 270.0 ki
vo=0.20 Ey, = 27,500 ksi

Ter = 190 pai
4, = 0.85

Anchorage slip each jacking end : Ag = 0.25 in,

Waobble friction coefficient ; K = 0.0002/ft

Curvature friction coefficient : J = 0,25 /radian

Unit weight of composite structure : w = 155 pef

Tension stiffening coefficient ; =0

Table 2.2, Material Properties of Box Girder Bridge

2.9 Nonlinear Analysis of Multi-Cell Box Bridges

To test the validity of NONBAN and Lthe approach proposed by Hambly [34] for modeling
the behavior of multi-cell box bridges, the results of a model bridge tested by Scordelis
et al. [57] and analyzed by Seible [41] are compared to the results obiained using
NONBAN. The bridge model is a reinforced concrete continuous (two spans) four-cell
bridge. The bridge was symmetrically loaded with two point loads in each span.

The bridge geometry is as shown in Figure 2.26. Figure 2.27 shows the discrefization
used by Seible and gives the section properties and the reinforcement of each element.
In the NONBAN analysis the bridge model was discretized as done by Seible except for
the element at the mid-support (No. 11) which was divided into two elements to better
model the high flexural and shear rigidities of the support conditions. The moment
versus rotation rclntinnnhipa for each element were obtained aupa.rntcly for positive and
negative bending depending on the amount of reinforcement. The results obtained for
this case are compared to those obtained by Seible (Nobox) and to the experimental
results in Figure 2,28, T{ is observed that a very good match between the results is
obtained for this bridge with the model used. It should be noted, however, thal the
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Figure 2.25. Comparison between NONBAN and FE analysis of box girder bridge

results of NONBAN seem to be quite sensitive to the assumed length of the plastic
hinge Lp used while deriving the moment versus rotation curves. This sensitivity is
believed to be caused by the scale effect due to the relatively deep thickness of the box
compared to the total length of the bridge model and the length of the elements. Based
on a sensitivity analysis performed as part of the analysis of this bridge, it appears
that using moment versus rotation curves with an L value obtained from equation 2.18
provides the best results with the additional condition that Ly be always less than 1/2
the length of the element. [t should also be noted that here again using equation 2.22
to check the shear ultimate capacity of the bridge model would have underpredicted the
observed failure load by about 50 percent.

2.10 Conclusions

This chapter developed a simple technique to study the nonlinear behavior of bridges
using a grillage discretization based on the approach proposed by Hambly. The method
developed is valid for steel and concrete (prestressed and reinforced) slab on I-beam
bridges as well as box girder bridges. A nonlinear analysis program NONBAN was
developed to perform such an analysis. Nonlinearity due to bending is accounted for by
using moment versus plastic rotation curves. Multi-linear shear deformation curves are
uged to account for the effect of shear nonlinearities. Several comparisons between the
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Ref, 41)

results obtained by NONBAN and other published numerical results as well as published
experimental results of full scale and model bridges were performed. The results
obtained verified the validity of the program and Hambly’s modeling scheme for the
nonlinear analysis of bridges subjected to truck traffic loads and proved that NONBAN
can model the global behavior of common type bridge structures with sufficient accuracy.
The proposed model is applicable to situations where the dominant loading condition
is due to bending with relatively low levels of shearing and torsional loads. Because
available shear strength models seem to highly underpredict the shear capacity of typical
bridge structures, best correlation with other numerical and experimental results are
obtained when shear failures are ignored.

3. RELIABILITY MODEL FOR BRIDGE SYSTEMS

3.0 Introduction

To account for the uncertainties associated with determining member resistances and
applied loads, recent studies have used reliability-based models to perform the safety
evaluation of existing and new bridges [5,9,14,20,22]. Most of these efforts, however, were
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Figure 2.28, Comparison between NONBAN and results of Seible

concerned with the reliability of individual structural members. The theory of reliability
has also been extended by researchers such as Ang, Moses and Cornell [74,75,76,77] to
account for the interaction of members into one structural system with several possible
failure modes and to account for the true nonlinear behavior of the system. The system
reliability methods that were first developed for the analysis of offshore platforms were
later applied to bridge structures. Studying the reliability of complete bridge systems
in the nonlinear range is very complicated due to the need of enumerating all the
pertinent failure modes and studying the statistical correlation between the members’
resistances. To reduce the complexity of the problem, many approximate methods have
been developed. These include efficient simulation techniques as well as approximate
numerical methods [78,79]. Cornell [80], however, made the observation that for systems
under static loading, “the probabilistic effects of randomness in element capacity upon
system capacity are small compared to load variability”. Therefore, it would be sufficient
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to perform a deterministic analysis of a system using the median element properties
in order to estimate the reliability of the whole system... although the coefficient of
variation (COV) of the system is usually sgomewhat smaller than those of the elements’
capacities.

This chapter proposes simple reliability models for the reliability analysis of bridge
aystems under traffic loads. Section 3.1 of this chapter gives a brief review of the
basic concepts of structural reliability and its application to bridge members and its
extension to bridge systems. Section 3.2 reviews the applicability of available truck live
load models for the analysis of bridge systems. Section 3.3 illustrates how these models
can be used for the analysis of two typical bridge systems.

3.1 Reliability Theory

Load intensity, bridge response and structural sirength are not known with certainty.
The aim of structural reliability theory is to account for the uncertainties in evaluating
the load carrying capacity of structural systems or in the calibration of safety factors
for structural design codes. Such uncertainties may be represented by random variables
and their probability distributions. [81]

The value that a random variable can take is described by its probability law which
is characterized by a probability distribution function. That is, a random variable
may take a specific value with a certain probability and the ensemble of these values
and their probabilities are described by a distribution function. The most important
characteristics of a random variable are its mean value or average, and the standard
deviation which gives a measure of dispersion or a measure of the uncertainty in
determining the variable. The standard deviation of a random variable R with a mean
R is defined as ap. A nondimensional measure of the uncertainty is the coeflicient of
variation (COV) which is the ratio of standard deviation divided by the mean value.
For example the COV of the random variable R is defined as Vj such that:

R
Vp = = 3.1
i % (3.1)

Typical COV’s for structural applications range from 8 to 15 percent for material
strength, 5 to 10 percent for dead load, and 15 to 30 percent for live load and even
higher for wind and seismic effects.

Codes often specify safe or nominal values for the variables used in the design equations.
A nominal value is related to the mean value through a bias. The bias is defined as the
ratio of the mean to the nominal value used in design. For example, if R is the member
resistance, the mean of R (/) can be obtained from the nominal or design value R,
using a bias faclor such that:

R = b Ry (3-2)

where b, is the resistance bias and H; is the nominal value as specified by the design
code. For example, A36 steel has a nominal design yield stress of 36 ksi but coupon
tests show an actual average value close to 40 ksi. Hence the bias of the yield stress is
40/36 or 1.1.
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In structural reliability, safely may be described as the situation where capacity
(strength, resistance, fatigue life, etc. ) exceeds demand (lnnd, moment, stress ranges,
ete.). Probability of failure, i.e., probability that capacity iz less than applied load, may
be formally caleulated; however, its accuracy depends upon the availability of detailed
data on the probability distributions of loads and resisiances. Since such data is often
not nvniln.bln, approximate models are often used to execute the calculations.

Let the safely margin of a bridge component be defined as, Z, where:
Z=R-S5 (3.3)

R is the resistance or member capacity, S is the total load effect.
The safety index (3) which is often used as a measure of risk is defined as:

Z
p= (34)
where 7 is the mean safety margin and ¢ is the standard deviation of the safety margin.
Probability of failure Py is the probability that the resistance R is less than the total
applied load effect S. ’1{1‘15 18 symbolized by the equation:

P = Pr [Z < (] (3.5)
If R and § follow independeni normal distributions then:
Py = & [-f) (3.6)

Where & is the normal cumulative probability function that gives the probability that
the normalized random variable iz below a given value. # gives the number of standard
deviations that the mean margin of safety falls on the safe side.

3 as defined in equation (3.4) provides an exact measure of risk (probability of failure) if
all the given variables follow normal distributions. Although # was originally developed
for normal distributions, similar calculations can be madeif the variables are lognormally
distributed. A random variable whoge logarithm is normally distributed is said to
have a lognormal distribution. For lognormal distributions, the equation for A can be

approximated as:
i (B)

where R and § are the mean values of the resistance R and the load § and Vg and Vg
are the coeflicients of variation of  and 5.

In general, @' s from either normal or lognormal models are used as estimates of the
relinbility of a structural member even if its capacity and applied load are neither
normal nor lognormal., To improve on these estimates “Level [I" methods have been
developed. Level II methods involve an iterative calculation to obiain an estimate to
the probability of failure. This is accomplished by approximating the failure surface (Z
= U) by a tangent multi-dimensional plane at the point on the failure surface closest

(3.7)
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te the origin. A more detailed explanation of these principles and derivations of the
equations given in this chapler can be found in reference [81].

Caode Calibration

The safety index has been used by many code writing groups throughout the world to
express structural safety for individual structural elements. @ in the range of 2 to 4
18 usually speciﬂad as an n.cceptn.bln target vialue for different structural n.pp].ii:atiu:nﬂ.
As [ increases, the probability of failure Py decreases. Structural safety calculations
for bridge members differ somewhat from cﬂ.ﬁcr applications because truck loads (which
constitute the dominant live load) increase with time due to new truck regulations
and increases in truck volume. Meanwhile member capacity may be decreasing due to
environmental or corrosion effects. Thus, for new bridge constructions, 3 is relatively
high, say on the order of 3.5. But, over a bridge’s life span, as member eapacity decreases
due to sirength degradation and environmental effects, a typical # may fall to about
2.5, A B of 3.5 implies about a 0.000233 lifetime risk or a probability of failure of
about 0.0233 % while a  of 2.5 corresponds to a probability of failure on the order of
0.621. These B values usually correspond to the failure of a single component. If there
is adequate redundancy, the failure of one component may not result in the failure of
the complete system. Thus, it is often observed that overall system safely indices for
the ultimate capacity of the bridge ,,;; will be higher than the safety indices for single
components. For example, for some bridge structures with five parallel members, Tabsh
and Nowak [30] found that the safety index of the bridge system 3, may be roughly
equal to 1 + Bember

The safety index is not caleulated solely for making statistical risk statements butl rather
for recommending the proper load and strength safety factors for design or evaluation
specifications. One commonly used approach is that each type of structure should have
uniform or consistent reliability levels over the full range of applications; e.g. similar
values should be oblained for bridges of different span lengths, number of lanes, simple
or continuous spans, roadway calegories, ete. Thus, normally, a single target 8 must
be achieved for all applications. Some engineers and researchers on the other hand are
suggesting that higher values of B should be used for more important structures such as
longer spans or for bridges that CAITY more traffic. This latter appruanh has not been
accepted and no practical mechanism has been developed to determine the distribution
of # with span length or traffic intensity.

Appropriate target @ values are often calibrated based on existing designs. That is, if the
safety performance of bridges designed according to current criteria has generally been
found satisfactory, then the average safety index obtained from current designs is used
as the target that any new design should satisfy. This calibration with past performance
also helps to minimize any inadequacies in the data base as has been previously reported
[14]. After calibration, a new bridge code should produce more uniform safety index
values than those observed from current codes.
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Alternate Format for Safety Index

The safety index for bridge members is normally calculated using equation (3.7) after
statistical data on member resistances, dead load and live load effects are assembled,
Another approach would consist of expanding the safety margin Z (3.3) as a funclion
of the live load margin B — D and the applied live load L. For example, if the total
load effect § iz due to the combined effects of the dead load P and the effect of the live
load L, then equation (3.3) can be rewritten as:

Z=R-§
Z=R-D-1 (3.9)
Z=(R-D) - 1L

where the live load margin /i — D determines the capacity of a bridge member to support
the applied live load, Current bridges are designed for a 75 year lifespan, thus, L is the
maximum expected truck load effect that will be applied on the bridge in its 75 year
life. Both the live load margin B — D and the live load effect L can be normalized with
respect to the effect of two side-by-side AASHTO HS-20 trucks. The safety margin can
then be written as:

Z=(R - D) L (3.10)
Z=|LFy — LLys| % Egsao
where Ep g is the effect of two HS-20 trucks. LF gives the factor by which the effect
of two HS-20 trucks iz multiplied to cause the bridge member to reach its maximum
capacity represented by (R~ D). LLgg gives the factor by which the effect of two HS-20
trucks is multiplied to produce the same effect as the maximum expected truck load
in the 7h-year lifetime of the bridge. Thus, LF} becomes a normalized measure of the
strength capacity of the member and L Ly is a normalized measure of the applied live
load effects.
Failure will occur when Z in eq. (3.10) is less than zero or when LF is less than LlLzs.
Both LFy and LLyg are random variables. LJF) is random due to the uncertainties
associated in estimating the resistance R and the dead load effect D). LLyp is random
due to the uncertainties associated with predicting the maximum expected lifetime
load. LLys in this model accounts for the truck load effects including the effect of
multiple truck occurrences in one or several lanes as well as the dynamic impact. Using
a lognormal format, the safety index for a bridge member becomes:

3

. ()

/Brmmbur = 2 2
\/ Vie + Vi

LFY is the mean value of the random variable LF). It can be calculated from analytical
and experimental studies on bridge behavior, LLyy is the mean value of the random
variable L Lqg, it can be obtained from statistical studies on truck traffic and their effect

(3.11)
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on bridges. Vpp is the coeflicient of variation of the load factor which is typically on
the order of 15 %. Vp accounts for the uncertainties in determining R and D. Vi is
the coefficient of variation of the maximum expected live load which is typically on the
order of 20 %. Vi1 includes the uncertainties in determining the truck traffic intensity,
the truck weights, their axle configurations, the mulliple occurrence of trucks on the
bridge as well as their dynamic impact.

Safety of Bridges

While the calculation of the safety index for one member is normally used for the
calibration of new codes, it does not provide an adequate representation of the safety
of the complete bridge system, In fact, due to the presence of reserve strength and
nonlinear effects, the failure of an individual member may not necessarily lead to the
failure of the complete bridge system. On the other hand, because of possible large
nonlinear deformations, the bridge may be unsafe for truck traffic at loads that are
lower than those that will cause system failure or in certain cases at loads lower than
those that will cause the failure of one member. Also, in addition to verifying the
safety of the intact structure, the evaluation of a bridge redundancy should consider
the consequences of a damage or the failure of one critical bridge member. Thus, to be
safe, a bridge system should: a) provide a reasonable safety level against first member
failure, b) should not produce large deformations under regular traffic conditions, c)
should provide an adequate level of safety before it reaches its ultimate system capacity
under extreme loading conditions, and d) should be able to carry regular traffic loads
after damage or the loss of a main load-carrying member.

In summary, four different limit states are identified:

1) Member failure. This is a check of individual member safety using elastic analysis.
The capacity of a bridge member to resist member failure is represented by the
factor LF}.

2) System Serviceability limit state. The capacity of a bridge system to resist reaching
a serviceability limit is represented by the factor LF;.

3) Ultimate limit state. This is defined as the ultimate capacity of the bridge system
or the formation of a collapse mechanism. The capacily of the structure to resist
collapse is represented by the factor LF),.

4) Damaged condition limit state. This is defined as the ultimate capacity of a
damaged bridge system. The capacity of a damaged bridge to resist collapse is
represented by the factor LFy.

In addition, two different loading conditions are also identified, these are:

1) Extreme loading conditions. This iz defined as the maximum expected lifetime

load. It is a function of the number of trucks that cross the bridge simultaneously,
the positions of the trucks on the bridge deck, the weight of the trucks, the
distribution of the weight to the individual axles, and the axle configuration. In
addition, the load will be a function of the dynamic impact. The design life of
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a bridge is normally equal to 75 years [82]. This extreme loading condition is
normally used in the evaluation of member safety and safety for the ultimate limit
state.

2) Regular Traffic Conditions. Regular traffic conditions are defined as recurrent loads
expected to be regularly applied on the bridge. A two-year exposure period is
used to define the maximum load expected under regular traffic conditions. This
condition is used in association with the analysis of the serviceability limit state
and for the analysis of the damaged bridges.

Using a format similar to that used in equation (3.10) for bridge members, the safety
index for the ultimate limit state, system serviceability limit state and the damaged
condition ean be obtained by either assuming lognormal distributions (equation 3.10)
or performing a level II iteration.

Relinbility-Based Measures of Bridge Redundancy

Redundancy is defined as the capabilily of a bridge structure to continue to carry load
after the failure of one of its members. A comparison between the safety index of one
member and the safety indices for the ultimate capacity, 8, , the serviceability limit
state, Bsery., and the damaged condition, ﬂdﬂmﬂ,,d, will then provide a measure of
bridge redundancy. Relative safety indices are defined as:

ABu= Bun. = Pmember
Aﬂﬂ . ﬁﬂﬂl‘"ﬂ. - ﬁmﬁmb:r (3‘12)
Afg = Jadnmﬂgl:d = Pmember

These relative safety indices give measures of the additional safety provided by the
complete bridge system compared to the safety obtained when a traditional check
of individual members is performed. Thus, these relative safety indices provide a
mlia.hility—bn.acd measure of redundaney.

3.2 Probabilistic Live Load Models for Highway Bridges

To perform the relinbility calculations, statistical data on bridge (member or system)
strength as well as the loads expected to be applied on the bridge structure in its lifespan
are required, For bridges, the variables associated with the highest level of uncertainties
are the applied loads. The major loads applied on highway bridges include the dead
load, live load and environmental loads. The dominant component of the live load is
the truck traffic load. The traffic loading problem is characterized by the occurrence of
millions of different loading events during the life of the structure. Each traffic loading
event is characterized by the arrival of one or more vehicles whose load effecis may
superimpose. These vehicle arrivals are random in regard to their occurrence and their
location in different lanes. In addition, each vehicle can be independently classified
according to its number of axles, weight of each axle, spacing between axles, gross
weight and speed. These random factors affect the truck’s static loading. In addition,
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the dynamie properties of the truck axles and the truck’s suspension system influence
the dynamic bridge response.

Ma.ny studies have been mcuntly pcrfurmcd in various countries and jurisdiutinns to
study the bridge loading problem. The goal of these studies is lo develop bridge live
load models that can capture the essential characteristics of the truck traflic patterns
in each jurisdiction and model their effect on bridge structures. Due fo the high levels
of uncertainly associated with determining the characteristics of these live load effects,
it has long been recognized that only probabilistic models can be effectively used to
represent the effect of truck loads on the safety of existing or new bridges. Despite
some differences in the methods adopted in each research study, the basic concepts
used are essentially similar. The object of this section is to compare the different load
models recently developed and delermine the main truck traffic factors that influence
their effect on highway bridges.

Load Modeling Techniques

Bridges are designed to safely withstand the maximum load expected over their service
lifetime. In short to medium span bridges, the maximum live load is usually due to
the occurrence of several heavy trucks simultaneously on the bridge. Methods to model
this maximum response can be essentially divided into three categories: 1) Monte Carlo
simulation, 2) convolution or integration method, and 3) closed form probability maodel
or the theory of stochastic processes.

The Monte Carlo approach consists of randomly simulating independent sample values
for each factor invelved in the maximum response. These values are combined to produce
a loading event, Each loading event produces one maximum bridge response caleulated
{from the known structural behavior of the structure represented by an influence surface.
By repeating the sampling many times, it is posgible to simulate the probability
distribution of the maximum response for one event. The probability distribution of
the maximum lifetime response is calculated from the one event distribution if the
number of independent events in the lifetime of the structure is known. Beecause many
of the evenis do not produce exireme responses, Monte Carlo simulations in general
are slow to accurately converge especially if the response depends on a large number of
random variables such as the case with the bridge loading problem.

The convelution or integration technique uses a sum over all possible combinations of
the factors invelved in a loading event to produce the praebability distribution of the
maximum response of a single event. As a simple example, if the maximum response
for one event, m, is a function of only two random variables z and y:

m = g(=, y) (3.13)
the frequency distribution of m is calculated from the equation:
fm(mg) = Zk 2:,' falzi) fy(y;) (3.14)

such that g(=zg, yj) = iy, the function fi, denotes the diserete probability distribution
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histogram:
fm(m{) = Pr (mi_ < m o= mi,,‘_) (3.15)

mi— and my; are closely spaced discrete values defining the histogram’s increment
size around point m;. The convolution approach has the advantage that it allows the
concentration of the caleulation effort in the regions that are most significant. This is
effected by reducing the increment sizes in the regions that produce high load effects
and increaging the increments in other parts of the histograms.

A more direct approach for calculating the maximum lifetime response is by observing
that the load on the bridge is varying with time. The value of the bridge response at
a given time { is the outcome of a random variable. The calculation of the maximum
response over a period of time T' ¢an be obtained by looking at the probability that
the stochastic process exceeds a known bound. This problem is usually known as the
barrier crossing problem. The advantage of the stochastic process approach is that it
usually provides a closed form solution to the load modeling problem which can account
for a large number of random variables. The disadvantage is the difficulty associated
with the numerical solution of the equations obtained.

Several research studies developed different load models for use during the reliability
calibrations of bridge design codes in different countries. This section reviews some of
these studies and verifies their applicability for the Spanish truck traffic conditions.

Ghosn-Moses Model

Ghosn and Moses [14] used a convolution method to calibrate an empirical formula
that is valid for typical US truck traffic patterns on two-lane highway bridges. In their
convolution, they divided the bridge surface into four different slots. A loading event
was defined as the case when at least one of the slots is occupied by a truck. Knowing
the probability that the other slots are also occupied, a headway probability is obtained
for each loading event. These headway probabilities were oblained from measured truck
traffic data on two-lane US interstate highway sites.

In addition, each truck invelved in the event is classified based on its type as either a
single unit or a semi-trailer. Depending on its type, each truck is associated with a fixed
axle configuration and a random gross weight drawn from a measured histogram. Given
the truck positions, truck configurations and the gross weights for all the trucks in the
event, the maximum response for one event is calculated from the bridge’s influence line.
The response of the bridge due to this one loading event is associated with a probability
equal to the product of the headway probability and probabilities of the gross weights.
This assumes independence between the headway (or truck positions), the truck types
and the gross weights.

Given the maximum response and the probability for one event, a cumulative probability
distribution function for one loading event is obtained. Knowing the expected number
of evenls in a bridge lifetime, the cumulative distribution function of the maximum
lifetime response 18 caleulated assuming independence between the loading events.
The gross weight histograms and the truck traffic data used in the analysis were collected
at various bridge sites in the state of Ohio. Resulis from the convelution with only

49



four possible slots were compared to a more refined convolution that allowed various
numbers of trucks in various positions on the bridge. The comparison showed that for
gpans less than 60 m (200 {t) in length, results from the convolution using four slots were
very similar to the results of the refined convolution. A sensitivity analysis using data
from different bridge sites verified that the most important parameters controlling the
maximum lifetime response was the tail end of the gross weight histogram. For typical
US sites with about 20 % single unit trucks and 80 % semi-trailers, it was found that
the maximum response was influenced by the gross weight histogram of the single unit
trucks for short span bridges. For longer spans, the histograms of the semi-trailer trucks
influenced the maximum response. The conveolution assumed that an average interstate
site is subjected to about 2000 loading events per day. However, it was also found
that only significant changes in the number of loading events produced any noticeable
difference in the maximum expected response. For example, assuming that the number
of closely spaced trucks is proportional to the truck traffic intensity, it was found that
a change in the number of lifetime events by a factor of 10 produced a change in the
MAXIMUIT response on the order of 17 % for bridges on the order of 60 m (200 ft) in
length. The difference was found to be smaller for shorter span lengths.

Based on the results of the convolution program, Ghosn and Moses developed an
empirical formula to give the maximum expected lifetime moment response for typical
bridges. The proposed formula reflects the most important aspects of truck traffic
characteristics. These include truck configuration, truck weight intensity, and multiple
presence. The proposed formula is:

M =amWgy H (3.16)
where:

“M™T ig the maximum expected lifetime moment.

“q” is the moment effect of a representative vehicle with a typical configuration and a
one unit total gross weight. ais a deterministic value and can be calculated from
the influence line of the bridge. Tt was found that for typical US truck traffic
composition, it is best to use a representative semi-trailer truck configuration
for spans greater than 50 fi. While a single unit truck gives more consistent
results for the shorter span lengths.

“m” is a random variable representing the variation of the effect of a random truck
from the effect of the representative truck. If the representative vehicle has the
configuration of an average truck, m is then close to 1.0 with a coeflicient of
variation that varies from 15 to 4 % depending on the span length., The longer
the span length, the smaller is the influence of the truck configuration on the
moment thus the smaller is the COV.

Wi is the characteristic value representing the intensity of the gross weight
histogram. The 95 percentile value was chosen as the representative gross weight.
For the spans where the single unit trucks dominate the response i.e. spans leas
than 15 m (50 ft) in length for typical US sites with 20 % single unit trucks, Wys
is obtained from the gross weight histograms of the single trucks. For longer
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spans, the gross weight histograms of the semi-trailer trucks is used.

“H" is the headway multiplicative factor. It reflects the number of typical trucks
with the Wys weight needed to produce the maximum lifetime load effect. H
was found to be a function of the span length and traffic composition reflecting
the fact that the longer the span length the more likely it is to have many heavy
vehicles simultaneously on the bridge. Similarly, the heavier the truck traffic is
the more likely it is to have many heavy vehicles on the bridge. Values of H
are tabulated for different span lengths, truck traflic intensities and projection
periods (or service lifespan).

A model such as the one proposed in egquation (3.16) is extremely powerful because
of its flexibility and adaptability to any individual bridge site, local, state or national
jurigdiction. In the next sections, the results obtained from the model proposed in
equation (3.18) are compared o the published results and the models proposed by
other research studies,

University of Michigan Model

A series of studies conducted at the University of Michigan culminated in the
development of the live lond model for the AASHTO LRFD specifications [82]. The
caleulations were based on the truck survey data performed in 1975 by the Ontario
Ministry of Transportation. The original data was biased because it covered a selected
number of heavily loaded trucks. The authors however, believed that the data is
representative of current US truck traffic.

The maximum moment and maximum shear effects for each surveyed truck was
calculated for a number of span lengths. The resulls were assembled into plots of
histograms of the cumulative distribution functions. By assuming that the plotted
data represents two weeks of traflic, the authors extrapolated the histograms to obtain
the expected maximum effect of a single truck in a 75 year life of a bridge. A
simulation is performed to account for the possible presence of other trucks in a lane of
traffic. The simulation assumed various degrees of correlation between the weights of
consecutive trucks. The weights of the trucks used in the simulation were drawn from
the original survey data using various assumptions about the frequency of the occurrence
of consecutive trucks on a bridge. Similar assumptions were made to account for the
possible presence of trucks in two adjacent lanes. The resulis of these simulations were
presented in tables as a function of span length and assumed bridge lifespan or return
period.

Reference [82] shows that the two lane moment is about 2 times 0.85 times the one lane
moment. Also, the authors found that the results oblained are similar to the results
that would be obtained using the AASHTO HS-20 vehicle in addition to a 14.6 N/m
(540 Ib/ft) distributed load. Thus, the AASHTO LRFD code writers chose to use the
HS-20 iruck with the 14.6 N/m (640 lh/ﬂ.) distributed load as the design truck live load.
When comparing the models used in references [82] and [14], it is observed that the
frequency of mulliple presence used in the Michigan studies were much higher than
the ones observed in the field data of reference [14]. However, the fact that the
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assumed number of total truck events was lower than that used in reference [14] may
offset some of the effects of the difference in the frequency of multiple presence. In
addition, the Michigan study assumed some level of correlation between truck weights
of consecutive and adjacent trucks while reference [14] assumed independence between
the truck weights, Finally, it is also observed that the truck gross weight data used in
the Michigan study is biased toward the heavy trucks and is much different than the
data collected in reference [14]. Despite these differences in the two analysis procedures,
the empirical equation (3.16) derived in reference [14] is found to be valid and can be
used to corroborate the results obtained by the University of Michigan.

For example, looking at a 12 m (40 ft) simple span bridge, the results presented in
reference [82] indicate that the maximum moment effect for a two lane bridge for a 50
year lifespan is equal to two times 0.85 times the maximum effect of the one lane load.
The tables provided in reference [14] show that the one lane moment is equal to 1.74
times the moment effect of the HS-20 truck which is equal to 610 kN.m (450 kip-ft). This
will produce a maximum 50 year moment effect for a 50 year life equal to 1800 kN.m
(1330 kip-it). If we use equation (3.16) for the same span length, the multiple presence
factor, H, is obiained as H=2.69. Reference [82| does not give the weight histogram
used but it plots the cumulative probability distribution of the moment effect for single
trucks. The plots can then be interpreted as plots of the cumulative distribution of a m
W. Taking the value corresponding to 95 percentile (z = 1.65) and interpolating for the
12 m (40 ft) span, we obtain that the effect of a truck with the weight corresponding
to the 95th percentile is equal to 1.078 times the effect of the H5-20 truck (610 kN.m).
Multiplying H = 2.69 times 1.078 times 610 produces a maximum 50 year moment
effect equal to 1770 kN.m (1304 kip-ft). This is only 2 % different than the 1800 kN.m
(1330 kip-ft) value obtained earlier.

Similar comparisons between the results of equation (3.16) and the results of the
Michigan studics are shown in Table 3.1 for different span lengths. The average
difference is about 4 % with a maximum of 8 %. The results confirm the validity
of equation (3.16) for predicting the results of live load simulations. The advantages
of using equation (3.16) over the University of Michigan results is in the fact that the
formula can be used for site-specific data while the results of the Michigan study are
only applicable for the gross weight data collected for the Ontario truck survey. This
observation is further confirmed in the sections that follow.

The Swiss Load Modeling Study

Bez in reference [83] developed a program to study the truck traffic loads on Swiss
highways. The program uses a Monte Carlo simulation that considers the randomness
in vehicle type, the vehicle configuration, the vehicle gross weight, the lane occupied,
and the digtance of the vehicle relative to the preceding vehicle. Two traflic conditions
are considered separately: 1) Free flow of traffic and 2) Congested traffic. The distances
between vehicles for the free flowing condition are simulated from actual field data.
For the congested traffic case, vehicle spacing is assumed to be 1 m. Also, a dynamic
impact factor is added for free flowing traffic but no dynamie factor is included for trafic
congestion. Different number of congestions in a bridge lifetime are assumed. However,
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Span length Eq. (3.16) Michigan Difference

(m) (kN.m) (kN.m)

12 m 1750 1790 -2%
18 m 3440 3300 1%
24 m 5300 5030 5%
30 m 7440 6970 T %
45 m 12250 11900 3%
60 m 19800 18300 8%

“Table 3.1. Comparison between Results of Michigan Model and eq. (3.16)

it was found that the maximum response for long lifespans converges asymptotically.
The author also found that the results from the free flowing traffic with a dynamic
impact factor of about 1.2 are approximately equal to the results of the congeated
traffic.

The most common truck on Swiss highway network seems to be the four axle semi-
trailer. Reference [83] does not provide any information about the configuration of this
vehicle. For this example, it is assumed that the configuration is similar to that of 4-axle
semi-trailer Spanish trucks as published by Sobrino in reference [84]. The gross weight
histograms published in reference [83] show that Wyy of the 4-axle semi-trailer is equal
to about 295 kN. To compare the prediction of the maximum expected lifetime load
obtained from equation (3.16) to the results published in reference [83], two different
situations are considered. First, it is assumed that truck traffic density is about the
game as that encountered in US highways i.e. a typical site will be exposed to about
2000 truck arrival events per day. Taking the results published in reference [83] for
congested traffic and dividing by a factor of 1.2 should produce the results for flowing
traffic. These are compared to the results of equation (3.16) as shown in Table 3.2. The
results show that the error varies between +17 % to -8 % with an average error on the
order of 2 %.

On the other hand, it is reasonable to assume that as the truck traffic on a site increases,
the loading situation will approach that of congested traffic. Therefore, it is herein
suggested to compare the results of the congested traffic as published in reference [83]
to the results of equation (3.16) using H for the heavy traflic condition. The results are
shown in Table 3.2. In this case, the error varies between 43 % to -7 % with an average
error on the order of 3.5 %.

The Spanish Load Modeling Study

Sobrino in reference [84] presented a research study on load modeling and reliability
analysis of Spanish highway bridges. Analysis of truck traffic patterns produced
observations very similar to those reported in reference [14]. For example, semi-
trailer trucks with 4 and 5 axles were the most frequent trucks observed on Spanish

53



Span length Eq. (3.16) Swiss Difference
(m) (kN.m) (kN.m)
Flowing traflic
33 3244 2783 17 %
50 5811 5600 4 %
60 7468 7850 -5 %
70 9293 10100 -8 %
Congested

33 3428 3340 3%
50 6522 6720 -3%
60 8740 9420 -T%
70 11240 12120 -T%

Table 3.2, Comparison between Results of Swiss Model and eq. (3.16)

highways. Although, the average truck weights seem to be higher than those observed
in other countries, the truck weight histograms have the shape of bi-normal distribution
functions. The author used a variation on the simulation program developed by Bez in
reference [83]. The simulation considers both fluid and congested traffic conditions on
two lane bridges with different compositions of truck traffic. Traffic in one direction as
well as traffic in opposite directions are considered. The truck configurations and weights
are classified according to the trucks’ number of axles. Bridges are assumed to have
a lifetime or return period of 75 years. Characteristic values of the maximum lifetime
response are defined as the 95 th percentile values. The author noted that the maximum
lifetime regponse can best be modeled as a Gumbel distribution. The characteristic
maximum response was plotted for different span lengths. This includes the effect of
flowing traffic and possibilities of congestion. Different numbers of congestions per
month and different truck traffic intensities were considered. To check whether the
formula given in equation (3.16) is valid for the Spanish truck traffic conditions, the
results obtained in reference [84] for 2000 trucks/day are chosen for comparison. The
most common truck type on Spain’s highways is the five axle semi-trailer truck with
a 2-axle cab and a rear tridem. This truck is chosen as the representative truck. A
tepresentative truck with a one unit gross weight (1kN) on a 50 m bridge gives a
maximum moment effect equal to 10.6 kN.m. The truck gross weight histogram shows
that the 95th percentile (Wys) is equal to 559 kN. Reference [14] shows that for the
50 m (165 ft) simple span the multiple presence factor H is equal to 2.94. Assuming
that the semi-trailer is a truly representative truck configuration, the m [actor would
be equal to 1.0. The multiplication of a, m, Wys and H for this span length produces
a mean maximum lifetime moment effect equal to 17421 kN.m.
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Plots of characteristic (95 percentile) maximum moment effects are given in reference
[84] for different span lengths. For the 50 m span with 10000 vehicles per day of which
20 % are trucks, the characteristic moment value is estimated to be on the order of 20000
kN.m. Reference [84] shows thal the maximum response follows a Gumbel distribution
with a €OV on the order of 7 %. This would indicate that the 95 percentile is about
3 % higher than the mean value. In this case, the mean maximum response is on the
order of 17700 kN.m. Compared to the value of 17421 kN.m obtained using equation
(3.16) this shows a difference on the order of 1.5 %. The COV obtained in reference
[84] is only 7 % because it does not account for site-to-site variability.

A random selection of simple and continuous span lengths was also chosen for further
comparison using the steps outlined in the previous example. Table 3.3 shows the results
obtained from the simulation and the results obtained using equation (3.16). It is noted
that the difference observed for all the cases considered is less than 5.3 %. This seems
to confirm that equation (3.16) is also valid for the Spanish truck traffic patterns.

Span length Eq. (3.16) Spanish Difference
(m) (kN.m) (kN.m)
33 9930 9495 5%
50 17420 17670 2%
60 22160 22970 -4%
70 30090 30600 -2%

Table 3.3, Comparison between Results of Spanish Model and eq. (3.16)

The Dutch Load Modeling Study

As part of the development of a bridge design code, Vrouwenvelder and Waarts [85]
performed a study on traffic loads on bridges. Statistical data on 16000 vehicles were
assembled 1o study their truck types and gross weights. Statistical models for truck axle
loads were also derived. The most commeon truck types were found to be the 3-axle,
4-nxle and 5-axle semi-trailers which together constituted 26 % of all truck traffic.

A probabilistic traffic flow model was constructed accounting for three types of traffic:
free, congested and stopped. The truck traffic intensity was assumed to be 6700
trucks/day with 90 % of the trucks in the slow lane. It is assumed that 94 % of
the loading situations involve free traffic, 5 % involve congested traffic and 1 % involve
stopped traffic. The assumed headway between trucks for free traffic is about 12.5 m,
for congested traffic is between 4 to 10 m and for stopped traffic is 1 to 5 m.

The authors used a simplified approach to estimate the design load for a 100 year
reference period. The design load was defined as the load that will have a probability
of exceedance equal to 0.62 % in the 100 year period. Knowing the number of trucks
expected in the 100 year period and knowing the probability distribution of the truck
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weights, the design load is calculated for one lane bridges assuming a single truck
oceurrence in each loading event. For lane loading, an average headway distance is
used to define slots on the bridge. The probability of having a truck in each slot
is ealculated from the traffic intensity data accounting for the possibility of convoy
formation. The probability distribution of the one lane response is thus calculated.
The design load is then calculated from the probability distribution curves. Similar
calculations are performed for traffic in multiple lanes. The results of the simplified
model were corroborated using a Monte Carlo simulation.

To compare the results of reference [85] and those obtained from equation (3.16), it is
assumed that the 4-axle truck is the dominant vehicle. The 95 percentile gross weight
for this type of trucks is obtained as 391 kN for the Dutch traffic data. The influence
coefficient of this trucks for a 50 m simple span, a, is calculated as 10.47 kN.m/kN.
Assuming heavy traffic condition reference [14] gives an H value equal to 3.30 for the
50 m span. This would produce an expected 50 year maximum response equal to 13509
kN.m. Equation (3.16) given above was calibrated to give the median response for a 50
year lifespan. According to relerence [85], this would correspond to about a 100 year
return period. The results of the 50 m simple span bridge with a 100 year return period
for two lanes in one direction (one slow and the other fast) give a distributed load ¢
equal to 46.67 kN/m. This would produce a maximum moment response of 14583 kN.m
which is 8 % higher than the value obtained from equation 3.16.

3.3 Application: System Performance of I-Beam and Spread Box Beam
Prestressed Concrete Bridges

£.3.1 Introduction

As an application of the reliability models developed in the previous sections, this section
performs a reliability analysis of two alternate bridge designs with the same simple span
length of 25 m. The first configuration has 11 parallel prestressed I-girder beams. The
alternate design consists of three spread box beams. These two configurations are chosen
herein beeause they are the most common configurations currently used in Spain. In
fact, prestressed concrete I-girder bridges are very commen because they have had a long
history of excellent performance under regular truck traflic loads as well as overloads.
In addition, I-girder bridges are economical and easy to construct and are known to
have high levels of system reserve strength and system redundancy. On the other hand,
the use of spread box girder bridges has become more common in recent years because,
in addition to their good structural performance, they are more aesthetically pleasing
than I-girder bridges. For this reason, the Spanish bridge authorities have abandoned
the use of parallel prestressed concrete I-girder bridges in favor of spread box beam
girder bridges for all overcrossings.

The object of this section is to compare the structural performance of these two bridge
types. To perform such a comparison, two example bridges with the same span length
of 25 m and satisfying the same Spanish code requirements are designed. The first
configuration has 11 parallel prestressed I-girder beams at 1.15 m center to center. The
alternate design consists of three prestressed concrete spread cell box beams at 5 m
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center to center. Figures 3.1 and 3.2 describe the two alternate bridge configurations.

Chapter 2 of this report described a program used to analyze the nonlinear behavior
of precast I-girder and precast spread box beam bridges. The program is used to
compare Lhe capacities of the two allernate bridge systems. The capacity of these
bridges to support iruck loads is studied for four different limit states discussed in
section 3.1: a) First member failure assuming linear elastic behavior. b) Ultimate
capacity accounting for the nonlinear material behavior. ¢) A system serviceability
limit state. And d) Ultimate capacity assuming damaged conditions. The resulis of the
deterministic analysis for these four limit states are used to estimate the reliability of
the two alternate designs. Reliability indices for first member failure as well as system
failure are obtained and used to compare the redundancy of the two structural systems,

3.8.2 Linit States

One important issue in the analysis of structures is the definition of failure or the
definition of the limit states. Current design methods require that the forces be
distributed to individual structural members using a linear elastic analysis. Failure
is assumed to occur when the elastic member forces exceed member capacity. This
definition of failure is widely used although normally member capacity is only reached
after extensive plastification, In addition to verifying member capacity, member
gerviceability conditions are also checked. These include member deflections, member
cracking and fatigue stresses. Member serviceability criteria are not normally related
to the strength performance of the system.

To study the performance of a structural system, the complete nonlinear behavior of the
structure should be monitored until system failure. Failure of a bridge system occurs
when the structure is no longer capable of carrying any additional load or when its
ultimate capacity is reached. This is defined as the load at which a mechanism forms
i.e. the load that causes an infinitely large deflection, or the point at which the structure
is 80 damaged that unloading occurs. On the other hand, it is often observed that a
bridge structure ceases to function effectively at load levels lower than the loads that
will cause failure. These conditions are known as system serviceability limit states [86].
Loss of member capacity is also of concern. Bridge members are often subjecled to
futigul: stresses that may lead to fracture and the loss of the load carrying capacity of
a main member. In addilion, corrosion, fire or an accident such as collision by a truck,
ship or debris, could cause the loss of a bridge member or the severing of prestressing
strands. To ensure the ﬁu.fct.y of the pub].ic, hridgcs should be able to sustain these
damages and still operate albeit at reduced capacity. Therefore, in addition to verifying
the safety and serviceability of the intact structure, the evaluation of a bridge's safety
and redundancy should consider the consequences of the failure of critical members.
In summary, it ia herein concluded that the linear analysis of a bridge structure is not
sufficient to verily the safety and the functionality of a bridge structure. It is also
important to verify the adequacy of its ultimate capacity for intact as well as damaged
conditions and to verify its system serviceability. For concrete bridges, ultimate capacity
is reached when a mechanism forms or when unloading beging due to extensive concrete
damage. It has been observed that unloading begins at a load level close to the point
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Figure 3.2, Definition of the 3 box girder bridge

when concrete crushing in a main longitudinal member oceurs [36,87]. Therefore, this
point is used herein to define system failure. Based on the recommendations of reference
|86], it appears that the most suitable serviceability limit state {for bridges is a deflection
to span length ratio limit. A displacement limit equal to the span length/200 was
proposed in reference [11] and is used herein as a system serviceability limit state. This
serviceability limit is a system serviceability criterion and is different from the member
serviceability criteria that are routinely checked in current design procedures. Finally,
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the capacity of the structure to earry load after the complete damage or ductile failure of
a main load carrying member should also be performed. As previously done in reference
[11] it is herein recommended to verify the safety of a bridge under damaged conditions
by assuming a damage scenario where one main longitudinal member is completely
removed from the structural model.

3.9.3 Analysis of Bridge Models

To perform the nonlinear analysis using NONBAN, the two bridge systems described
above are discretized as grillages with longitudinal and transverse beam elements
following the modeling scheme proposed by Hambly [34]. Although Hambly proposed
his scheme for the analysis of bridges in the linear elastic range, chapter 2 demonstrated
that this scheme was also sufficiently aceurate to study the global nonlinear behavior
of typical I-beam as well as box beam bridge configurations. The properties of the
longitudinal and transverse beams are shown in Figure 3.3 for the eleven-girder bridge
and in Figure 3.4 for the three-box beam bridge. The nonlinear incremental analyses are
performed under the effect of two side-by-side trucks with a minimum lateral distance of
1.2 m between the axles of the adjacent trucks. Each of the applied trucks is assumed to
have the configuration of the average semi-trailer truck observed over the Spanish road
network as shown in Figure 3.5. Both bridges are assumed to have simple pin supports
at the ends of every longitudinal beam such that vertical displacements are restrained
but all end rotations are free. For the box beams thiz assumes a single pin at each end
located at the center of the end section.

In a first step, a linear elastic analysis of the two structures is performed. First member
failure is assumed to occur when the most heavily loaded longitudinal member reaches its
maximum capacity. The maximum capacity is reached when concrete crushing occurs.
The concrete stress-sirain relationships used for the derivation of the nonlinear material
properties assume that conerete crushes when the compression strain is equal to 0.0035,
Using the results of the linear analysis, it is found that first longitudinal member failure
would occur in the 11-girder bridge when the weights of the two side-by-side trucks are
incremented by a load factor of 8.98. For the three-box girder bridge, the load fuctor
that would produce first member failure assuming linear elastic response is 8.53. For
both bridges, the most critical loading position was obtained when the two trucks are
transversely placed on the extreme edge of the bridge and the rear axle placed at the
middle of the span. In both cases, failure occurred at the midpoint of the external
longitudinal girder.

In a second stage, a complete nonlinear analysis using the material properties shown
in Figures 3.3 and 3.4 is performed for the same trucks and loading positions described
above. The truck loads are incremented and the weights of the trucks that produce
system failure are obtained. System failure is defined as the load at which concrete
crushing occurs. For the 11-girder bridge, system failure occurred at a load factor of
10.40. In this case, failure occurred when the exterior girder under the load reached its
maximum plastic rotation at the middle of the span. For the three-box girder bridge,
system failure occurred at a load factor of 9.18. At this load factor, failure occurred
transversely in the slab section joining the web of the exterior box girder and the middle
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Figure 3.3, Mechanical properties of model elements of the 11 I girder bridge
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Figure 3.5. Definition of the truck used in the analysis

box girder.

Although the grid model is known to provide a good representation of the global
behavior of the bridge including the distribution of the load to the main longitudinal
members, it is questionable whether modeling the slab as beam elements is sufficiently
accurate to study the failure of the slab. This is because the grid model ignores several
factors that contribute to the capacity of bridge deck slabs. Examples of such factors
include the two-dimensional moment interaction of the slab and the effect of membrane
action. Due to the contributions of these factors several research studies have shown
that bridge slabs in reality possess much higher strengths than indicated by typical
simple analysis procedures. For these reasons, another analysis is performed for the box
girder bridge assuming that the slab will continue to carry loads beyond the level at
which the strain in the transverse slab elements reaches its limiting value of 0.0035. In
this case, system failure is assumed to occur at the point at which concrete crushes in
a main longitudinal member. This level was reached at a load factor equal to 10.92 for
the three-cell bridge.

System serviceability limit is defined as the load at which the maximum deflection in
a main longitudinal member is equal to the span length/200 (0.125 m). This limit is
reached at a load factor equal to 9.03 for the 11 girder bridge and at a load factor of
9,17 for the box girder bridge.

Figure 3.6 shows a comparison between the load factor versus maximum displacement
curve for the two bridge configurations analyzed. One should note the similarities
between the two curves except for the final failure points.

A sensitivity analysis is performed to study the effect of the boundary conditions of
the box-girder bridge. In this example, two pin supports are placed at the end of each
box beam to restrain its torsional rotation. First member failure assuming linear elastic
response occurs in the external member at a load factor equal to 9.08. Accounting for
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Figure 3.6. Comparizon of load deflection curves of the two configurations analyzed

the nonlinear behavior, slab crushing in the transverse direction occurs at a load factor
equal to 10.41, If the nonlinear analysis is continued beyond this load level then system
failure would occur at a load factor equal to 12.67 when the exterior longitudinal member
crushes, The serviceability displacement limit of 0.125 m under a main longitudinal
member i obtained at a load factor equal to 10.43.

If we assume that the external member of the 11-girder bridge is completely damaged,
the nonlinear analysis shows that failure of the slab occurs at a load factor of 1.91. If the
slab is assumed to be able to sustain this load, crushing in a main longitudinal member
would then occur at a load factor of 6.92. Damage lo the three-box girder bridge is
simulated by assuming complete damage of the external web of the external girder. For
the box girder with only one pin support at each section end, the slab would fail under
the effect of the dead load alone. If loading is continued assuming that slab failure is
only a local failure, then system failure would occur at a load factor of 5.67. For the box
girder bridge with supports under each web, the load factor at which transverse slab
failure occurs is 1.3 and the load factor at which longitudinal member failure occurs is
6.21. The load factors calculated for the damaged box girder bridge are lower than those
observed for the 11-girder bridge because damage to one web will not only reduce the
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external box’s moment capacity by one half but will also reduce the torsional rigidity of
the member to a practically negligible level, The results of all the analyses performed
herein are summarized in Table 3.4.

CONFIGURATION  |LIMIT STATE LF [p | Ap |target |B=°) | A |target
11-GIRDER BRIDGE |1st member-Linear clastic | 8.88 556 | x x 584 | x X
Transverse slab failure % x x X x x x
Long. member failure 10.40 |6.00 | 0.53 | 1.00 |6.41 | 0.57 | 1.00
System serviceability 0,031 |5.84 | 0.28 [-1.00 [6.14 [ 0.30 |- 1.00
Damage condition 6.92 [4.90 |- 0,66 |- 0.50 | 513 |- 0.71 |- 0.50
3-5PREAD BOX 1st member-Linear elastic | 8,53 (538 | x x 564 | x x
BEAM BRIDGE Transverse slab failure 9.18 |5.64 | 0.26 X 5.92 | 0.28 x
one pin support at Long. member failure 10.02 (6,27 [ 0.89 | 1.00 [6.60 | 0.96 | 1.00
center of end section | System serviceabilily 9.17 |5.90 | 0.52 |- 1.00 |6.20 | 0.56 |- 1.00
Damage condition 5.67 |4.22 |- 1.16 |- 0.50 |4.41 |- 1.23 |- 0.50
1.5PREAD BOX 15t member=Linear elastic | 9.08 |5.60 x x 5.88 x x
BEAM BRIDGE Transverse slab failure 10.41 |6.09 | 0.48 x G.41 [ 0.53 x
two pin support under |Long. member failure 12.67 (6.82 | 1.22 | 1.00 |7.20 | 1.32 | 1.00
websa of end section Syatem serviceability 10,43 |6.36 | 0.76 |- 1.00 | 6.70 | 0.82 |- 1.00
Damage condition 6.21 (4,53 |- 1.07 |- 0.50 | 4.74 |- 1.14 |- 0.50

(*y LFCOV=13%
(*) LF COV = 10 %
Table 3.4, Summary of results

3.3.4 Reliability Analysis

To account for bridge strength and load uncertainties, a reliability analysis is performed.
The safety margin Z for a bridge system is defined as:

Z =(R~-D) - (L+1) (3.17)

Z = LF - LL (3.18)

where the incremental load factor, LF, is equal to the resistance R minus the dead
load D (LF = R— D). LF determines the capacity of a bridge system to support the
applied live load. LL is the maximum applied live load effect expected in a given return
period. LL depends on the static truck load effects L and the dynamic effect I. Since
in this study the calculation of the bridge system capacity is presented as a function of
the typical average truck configuration shown in Figure 3.5, both LF and LL are herein
normalized with respect to the effect of the typical average truck.

Bridge failure occurs when Z in equations (3.17) and (3.18) is less than zero or when
LF is less than LL. Both LF and LI are random variables. LF is random due to
{he uncertainties in determining the system resistance R and the dead load D. A
deterministic estimate of LF for each of the four limit states previously identified is
obtained using the nonlinear analysis program as seen in the previous section.

LI is random due to the uncertainties associated with predicting the maximum expected
load in a given return period. It is a function of the number of trucks that cross the
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bridge during the return period, the number of trucks that are simultaneously on the
bridge when the maximum load effect is measured, the positions of the trucks on the
bridge deck, the weights of the trucks, the distribution of the weights to the individual
axles and the axle configuration. In addition, the load effect is a function of the
dynamic impact. All these factors are random and produce a high level of uncertainty in
estimating the maximum expected truck load effect in a given return period. Reference
[14] provides a simple truck live load model which has been proven to be valid for the
Spanish truck traffic. The model gives the maximum expected lifetime load effect as n
function of a typical truck configuration with a characteristic weight. The total truck
load effect L + I is given as:

L 4+ I =amWyH: (3.19)

where “a” is the effect of a representative truck configuration with a one unit total load.
“m? is factor representing the variation of the random trucks from the configuration
of the representative truck. Wys is the characteristic 95 percentile value of the truck
weight histogram for a given jurisdiction. M is the headway factor representing the
number of representative trucks of weight Wog that will produce the same effect as the
maximum expected lifetime load effect. “i” is the impact factor. When normalized with
respect to the effect of the average truck shown in Figure 3.5, equation 3.19 becomes:

m Wyg H 1
407(kN)

Since the analysis performed in the previous section uses an average truck configuration
n? is herein assumed to be equal to 1.0 and its coefficient of variation (COV) is
assumed to be equal to 8 percent [7]. Wos for typical Spanish truck gross weights is
given as 550 kN with a COV of 10 percent [84]. The dynamic impact factor for two
trucks is shown to be about 1.10 with a COV of 8 percent [82].

H is a function of the return period, thus two different loading conditions are identified:
Extreme loading condition and regular truck traffic condition. Extreme leading
condition is defined as the maximum expected lifetime load. The expected bridge
lifespan is usually around 50 to 75 years. The extreme loading condition is normally
used in the evaluation of member safety and for the safety for the ultimate limit state.
Reference [14] shows that for 26 m span and for a 50-year return period H is on the order
of 2.78 times the effect of one representative truck (or 1.39 times the effect of two side-
by-side trucks). Regular traffic condition is defined as the recurrent load expected to
be regularly applied on the bridge. A two-year exposure period is used herein to define
the maximum load expected under regular traffic conditions. This condition is used for
the analysis of the serviceability limit state and for the analysis of damaged bridges.
Reference [82] shows that expected 2 year load is about 93 percent of the maximum
lifetime load. Thus H becomes equal to 1.30 times the effect of two side-by-side trucks,
Reference [14] recommends a COV equal to 7 percent for H.

In addition, a COV of 10 percent is added to LL to account for possible future changes
in truck traflic patterns and growth in truck traffic rates. The final COV obtained for
the normalized live load effect LL is then equal to 20 percent.

BE = (3.20)
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According to reference [82] prestressed concrete member capacities are on the average
higher than the nominal or code specified resistances by a factor of 1.05 with a COV of
7.5 percent. Additionally, actual dead load values are on the average 1.04 times higher
than the estimated values obtained from bridge plans with a COV of 9 percent. For the
bridges studied in this paper, this would produce a bias of 1.05 on LF(LF = R—D)and
a COV of 10 percent. In addition, a COV of 8 percent is added herein to account for the
variability in the lateral and longitudinal positions of the trucks. The final bias on LI
is then equal to 1.05 and the final COV is equal to 13 percent. Cornell [80] explains that
gueh 2 COV on member capacity would result in a lower COV (on the order of about 10
percent) for the complete system. However, in this study it is proposed to use the same
GOV for member capacity as well as system capacity to account for the uncertainties
asgociated with modeling the nonlinear behavior and predicting the system capacity.
Thus, it is herein assumed that a bias of 1.05 and a COV of 13 percent are valid for all
four limit states studied.

Knowing the mean values and the COV of LF' and LL and assuming that LF follows a
lognormal distribution while LL follows an extreme type I distribution, the probability
of failure Py can be calculated as:

P; = & (=) = Pr (LF < LL) (3.21)

where & is the Gaussian cumulative distribution function and f is defined as the safety
or reliability index. The safety index 3 can be calculated to satisfy equation (3.21) using
a first order reliability program [88].

Redundancy is defined as the capability of a bridge system to continue to carry load
after the failure of its most critical member, Hence, to study the redundancy of a
system, it is useful to examine the difference between the safety indices of the system
and the safely index of the most critical member. If the safety index of the system
for the ultimate limit state is defined as B, , the safety index of the system for the
serviceability limit state is Fsery., the safety index for the damaged condition is A ,maged
and the safety index for member failure assuming linear elastic response is Ay mper then
the redundancy indices as defined in section 3.1 are given for the ultimate limit state
as, Ay, the serviceability limit state Ap,, and the damaged condition Afiy, are defined
as:

ABu= But. — Pmember
ABy = ﬁmrv. = ﬁmember (3'22)

Afy = ﬂdumuy:d = Brmember

Reference [11] proposed a set of reliability conditions that adequately redundant bridge
systems should satisfy. For example, to be classified as adequately redundant, a bridge
system must produce Afy, Afs, and Afy, values respectively equal to or higher than
+1.0, -1.0 and -0.5.

A first order reliability program [88] is used to perform the calculations of B, for the four
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limits and for all the cases analyzed above, The results are summarized in Table 3.4.
The results show that in all the cases analyzed, the safety index for member is above
5.38, Knowing that a target member safety index of 3.5 was used in North America
for the development of bridge design and evaluation codes, the member safety index
values obtained herein indicate that these bridges provide highly conservative levels
of safety. This however does not necessarily mean that these bridges are adequately
redundant. In fact it is observed that only the bridge with end torsional rotations
restrained provide an adequate level of redundaney for the ultimate limit state. None
of the bridge configurations studied provide adequate redundancy for the damaged
condition. However, it is observed that the 11-girder bridge shows the best performance
for this case. On the other hand, all the bridges provide adequate levels of system
serviceability performance.

To study the sensitivity of the results to the assumed values of COV for LF, the same
caleulations are repeated assuming that the COV is equal to 10 percent. It is interesting
to note that the effect of the change in this COV is relatively small becanse this produces
a change in the system safety indices as well as a change in the member safety indices
sich that the net effect on the redundancy indices is small, Similar observations are also
made in reference [3] indicating that the measures of redundancy proposed in equation
(3.22) are not very sensitive to variability in the data base.

3.3.5 Conclusions

The system performance of two alternate bridge configurations is analyzed. The resulis
indicate that the three-cell bridge configuration provides the best system performance
for the ultimate limit state. However, it is the 1l-girder bridge that provides the
best system performance in case of damage to one critical member, Although, the
redundancy indices obtained are relatively low, the values of the system safety indices
obtained are high (greater than 4.2 even for the damaged condition), indicating that
these bridges are conservatively designed and provide overall high levels of system safety.

4. OPTIMIZED REHABILITATION OF DAMAGED BRIDGE SYSTEMS
4.0 Introduction

The evaluation of an existing bridge must accurately reveal the present load carrying
capacity of the structure and predict future loads and any future changes in bridge
capacity due to deterioration. Many studies on different aspects of bridge diagnostics,
evaluation, rehabilitation techniques and management strategies have been initiated
throughout the world. For example, models for deterioration rates of bridge members
are under investigation [23,2d] and innovative methods for bridge strengthening and
rehabilitation are being implemented in current practice [25,26,27,28]. In addition,
relinbility-based techniques for bridge member as well as bridge system evaluation
have been developed [29,30]. The results of these investigations however, were never
assembled into a comprehensive and coherent framework that can be directly used by
a bridge engineer during the routine evaluation of existing bridges.
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The objective of this chapter is to develop an outline for a comprehensive framework
for the evaluation of damaged highway bridge systems based on reliability techniques.
The proposed framework takes into account both the life cycle costs and the structural
safety of the bridge. The optimum repair strategy is the strategy that would minimize
the lifetime cost while ensuring a minimum acceptable level of safety. This can be
formulated as lifetime cost optimization problem subject to the constraint that the
probability of failure be always lower than a target level that is determined based on
current practice.

4.1 Bridge Life Cycle Costs

Bridges are normally designed and constructed for an estimated 75 to a 100 year lifespan.
During their lifespan, bridges may be subjected to aging, increased loading conditions
and environmental contamination as well as unforeseen accidents that might cause
structural damage. To ensure the safety of the public and ascertain their structural
reliability, bridges require regular maintenance and frequent inspections. In addition,
a bridge’s life cycle costs should also reflect the consequences of the bridge's failure.
Thus, a bridge’s life cycle costs are function of the bridge maintenance costs, bridge
inspection costs, the cost of failure and the probability of failure. In addition, if a
damage is detected, the life cycle costs should reflect the cost of damage inspection and
the cost of damage repair.

If during bridge inspection a damage is detected, the evaluating engineer has the
option of making his safety evaluation of the bridge based on the initial observations
or performing more in depth inspections to assess the level of damage. The cost of
inspection is a function of the methods used to perform the bridge diagnostics. It
may be reasonable to assume that the cost of inspection is proportional to the level of
reliability of the inspection technique.

The costs of repairs and the subsequent maintenance as well as the probability of
failure of the repaired structure are functions of the repair strategy. For example, if
no repairs are performed, then the cost of repair is zero and the probability of failure
is the probability of failure of the damaged structure. On the other hand, if the whole
structure is replaced after damage, then the cost of repair is equal to the cost of a new
structure including the cost of demolition. In addition, the more information is obtained
about bridge damage and deterioration through inspection, the more knowledge the
engineer has about the repair techniques that would be most appropriate.

The probability of bridge failure is a function of the applied lifetime loads, the resistance
of the damaged structure at inspection time, the uncertainty in estimating this resistance
capacity, the resistance capacity after repair, the strength degradation function and the
time at which the repair takes place. In addition, the probability of failure of the bridge
systern will be a function of the importance of the damaged or deteriorated members
to the overall structural integrity of the complete system. Therefore, to solve the cost
optimization problem, data on bridge member delerioration rates, repair techniques and
bridge load statistics are required. The effect of member damage and deterioration on
the overall reliability of the bridge structural system will also have to be considered.
In summary, the object of an optimum bridge evaluation system would be to minimize
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the life ¢cycle costs of a repaired bridge. This cost ean be mathematically represented
by a function of the form:

Glifi: = UVinap. + C'rupuir + chfuilura + Chaint. + Gdumﬂgr.’

where Cj;f, is the expected lifetime cost, Cipn,p, i8 the cost of inspeciion, Cpepaipr is the
cost of repair, Py is the probability of failure, C'ryipyre is the cost of failure, Cnaint. i8
the cost of maintenance of the repaired structure and Cygynage 18 the cost of maintenance
of the damaged structure between the time of damage detection until damage repair.
It is reasonable to assume that the cost of inspection is proportional to the reliability of
the inspection technique utilized. Thus, one can assume that the cost of inspection is
a function of the coeflicient of variation of the estimate of the strength of the damaged
member(s). Similarly, the cost of repair is a function of the reliability of the repair
technique utilized. Tt is thus reasonable to assume that the cost of repair is both a
function of the strength of the member(s) after repair and the coefficient of variation of
the repaired member strength.

The cost of failure Cr4yupe 18 a function of the cost of the structure and the societal
costs. The latter include the costs for loss of life as well as economic costs due to traffic
congestion, increased travel distances, ete.

The probability of failure Py is a function of the system strength and the applied
load. Py can be either calculated at a given point in time or can be the expected
(a.vnrugeg lifetime probability of failure, If for example, one is interested in evaluating
the probability of failure at the end of the useful lifespan (normally the time with the
highest risk), then Py is calculated at that point in time. On the other hand, in a
second optimization model the expected costs can be expressed in terms of the average
probability of failure over the entire lifespan of the structure. The first model is used to
ensure that the probability of bridge failure remains below an acceptable (target) level
for the whole lifespan. The target value is normally determined based on the experience
of the engineering community with the performanee of similar structures. Thus, in this
model, the optimization problem is subject to reliability constraints. This constraint
can be either expressed in terms of the probability of failure or in terms of the safety
index f as defined in chapter 3.

The second model with an expected lifetime probability of failure is used when the
optimum level of bridge reliability is based on cost considerations. This means thatl
there are no artificially imposed reliability constraints and that the optimum safety
level would be determined solely based on costs. This latter situation assumes that all
the tangible and intangible costs, including the costs of loss of life and the societal costs
due to bridge failure ean be exactly determined. In addition, this model allows each
bridge to have a different optimum reliability level than other similar bridges. For these
reasons, it is herein suggested that this model should not be used when the required cost
estimates are difficult to obtain. The rest of this chapter uses the constraint optimization
model where the target reliability level is predetermined.

Maintenance costs Crqing. 2re the costs of maintaining the repaired structure. These can
be expressed in terms of the time period between damage repair and demolition of the
structure at the end of its useful life. Cgymage are the costs of maintaining the damaged
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structure. These can be expressed in function of the period between damage detection
and damage repair. They may include tangible costs such as the costs of providing traffic
control, and intangible costs such as the economic costs due to increased congestion or
temporary bridge closures, ete.

4.2 Optimization Problem

Upon detecting a damage, the goal of the evaluating engineer is to find the most cost
efficient strategy to rehabilitate the bridge structure. The evaluating engineer has to
chose between a number of alternate options. Examples of the decisions that have to
be made include:

1. Whether to perform a more careful inspection to better estimate the true strength
eapacity of the bridge member and the bridge system. The costs will depend on
the chosen method of inspection.

2. What method of repair to use and to which level of strength should the damaged
members be strengthened. The costs will depend on the method of repair and the
new level of strength.

3. Whether to repair the damaged members immediately or delay the repair until a
later date. The costs will depend on the method of repair, the time of repair and
the economic returns of delaying the repair.

4. Ensure that the bridge will provide a minimum level of safety at all times. This
will depend on the loading applied and the rate of bridge sirength deterioration.

The bridge rehabilitation problem can then be formulated as an optimization problem,
where the best rehabilitation strategy is chosen to minimize the expected life cycle
costs subject Lo the constraint that the bridge safety levels are always above a certain
minimum safety level. A common measure of bridge safety that account for the
uncertainties in evaluating member and system strengths as well as the uncertainties in
evaluating load intensities is the safety index, B, that was defined in chapter 3 of this
report. The safety index has been used by code writing groups to calibrate bridge design
specifications to achieve minimum levels of safety. For example, the LRFD AASHTO
code in the US and the OHBDC Ontario code have been calibrated to achieve a target
safety index values on the order of 3.5 for new design. On the other hand, for existing
bridges Moses et al. recommend the use of a safety index of 2.5,

The object of the optimization is to determine the level of inspection, the level of repair
(the strength of the member after repair) and the time at which the repair should take
place. A simple example illustrating how these decisions can be made is presented in
the next section.

4.3 Illustration

As a simple illustration of how a bridge rehabilitation program can be developed using
the model proposed in this chapter, let us consider a reinforced concrete bridge with
members that deteriorated after 25 years in service. We assume that the inspector
determined that the members of this bridge have deteriorated to an unacceptably low
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level, The inspector’s report estimated the member moment capacity at this point of
time to be 3.87 kN.m. It is also estimated that if left in its current damaged state, the
bridge members will further deteriorate at an exponential rate. This deterioration can
be modeled as:

R =K (d — ar)? (4.1)

where K is a constant reflecting the member material and eross sectional properties. d
is the diameter of the reinforcing bars. o is the rate of deterioration in bar diameter. 7
iz the time inerement.

At the time when the damage was measured, K was estimated as 11.51 units, while
the diameter of the bars was estimated to be 0.58 units. If left unireated, the bars are
assumed to lose their diameter at a rate of 8.5 1072 units per year.

It is herein assumed that the bridge is assumed to survive at least 25 additional years
beyond the time at which a damage is observed. It is also assumed that member
capacities are estimated with a coefficient of variation on the order of 3 % while the
maximum lifetime load is estimated at 3.25 units with a coefficient of variation of 10
%. It is further assumed that the cost of inspection is 500,000 units. The cost of failure
is 186,000,000 units, the cost of maintenance is 300,000 units per year for the damaged
structure, while it is 100,000 units per year after damage repair. It is further assumed
that the structure should always maintain a minimum reliability level corresponding to
a gafety index f# equal to 1.0. Three different repair options are presented below. Each
repair option is asgociated with a different cost of repair. The object of this exercise is
to find the best repair strategy and the time at which repair should take place in order
to minimize the life cycle costs.

Option 1

The first repaired option consists of simply treating the bars to arrest any further
reduction in member capacity. It is estimated that this repair option will cost aboul
24,000,000 units. If left untreated, the bars are assumed to lose their diameter at a rate
of 8,5 1072 units per year. On the other hand, it is assumed that the treatment would
reduce this rate to 1.0 10~ units per year. Performing the optimization indicated that
this repair option will not satisfy the reliability constraint set for this problem. If repair
is performed as soon as the damage is detected, the lifecycle costs are estimated to be
58,500,000 units bul the safety index 3 after 25 years of service iz 0.83 which is below
the set target level.

Option 2

The second repair option consists of strengthening the member by adding additional
reinforcement. In this option, the value of K in equation 4.1 is increased at repair
time to 12.2 and in addition, new reinforcement of diameter equal to 2.5 units is added
such that its effect is associated with a K constant equal to 4.3 units. It is herein
agsumed that after repair, the rate of deterioration a is 1.5 1073, This repair option is
estimated to cost 37,000,000 unita. For this option, the optimization recommends that
repair should be performed immediately upon detection of the damage. The estimated
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lifecyele costs are 45,000,000 units and the target safely index is satisfied. In fact this
repair option will produce a safety index value of 14.4 at the end of 25 years after repair.

Option 3

Repair option 3 consists of placing lateral plates at the bottom of the member to enhance
its cupacity. This option alters the behavior of the member and the new resistance model
will be of the form:

R=FK (A-dr7) (4.2)

It is herein assumed that &' is equal to 184 units while A is 0.3. The costs of repair are
estimated to be 34,000,000 units. The optimization indicated that minimum lifetime
costs of 42,000,000 units are obtained when the repair is performed immediately when
the damage is detected. The safely index largel level is achieved at all times. At the
end of the useful life (25 years afier detection of damage), the safely index value f# is
equal to 5.25.

Summary

The results of this exercise indicate that the best repair stralegy consisis of using the
third option and performing the repairs as soon as the damage is detected.

4.4 Conclusions

This chapter presents a framework for using an optimized reliability-based model for
decision making on bridge rehabilitation and repair. The model is illustrated through
the use of a realistic example. Future research should be directed toward further
refinement and collection of actual cost data in order to verify the applicability of this
model in engineering practice.

5. CONCLUSIONS

This report is the outcome of a one year study on the reliability of existing highway
bridge systems conducted at the Department of Construction Engineering at the
Technical University of Catalunya. The objective of this study was to develop
preliminary ideas toward proposing a framework for the evaluation of existing bridges.
The long term goals of this study and future research is to develop a methodology to help
the bridge engineer devise optimum strategies for the evaluation and repair of damaged
bridges. The proposed methodology considers the randomness in assessing the extent
of damage, the randomness in assessing the capacity of the repaired member, as well
as consider the cost implications of the final decision. The proposed approach accounts
for the time dependent reliability of the member and the importance of the member to
the overall structural integrity of the bridge system.

To achieve these goals, this report presents a simple practical method to perform the
nonlinear analysis of bridge systems. The report also outlines a method to use the
results of such analyses to obtain estimates of the reliability of the complete system as
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an expansion to current methods that only consider the reliability of individual members.
The results of such member or system reliability models can be used to devise optimum
bridge repair strategies as illustrated in this study.

Future research should concentrate on expanding the models proposed herein by
collecting additional data on bridge repair and lifecycle cosis; develop methods to include
recent findings on bridge deterioration rates, bridge materials, diagnostic procedures and
rehabilitation techniques in the proposed framework; and further verifly the applicability
of the proposed live load and reliability models.
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